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SUMMARY
The object of this work is to investigate the performance of excavations, 
supported By anchored diaphragm walls, with particular reference to London Clay, 
Both the factors that affect excavation performance and past design and analysis 
are considered in a literature review. For the purpose of the study, the def­
ormation behaviour of London Clay is interpreted in terms of cross-anisotropic 
elasticity. A plane finite element computer program, developed during the 
course of the work, is briefly described. It is capable of simulating the se­
quence of excavation and of allowing relative movement on the soil/wall inter­
face. Displacements, stresses, soil pressures on the back of the wall, struc­
tural forces on the wall, and excess pore pressures due to undrained loading 
may be computed.
The end of excavation performance of an instrumented excavation in London 
Clay is back analysed. The undrained stiffness of the clay is found to increase 
significantly with depth from a low value at the ground surface. Reasonable 
agreement is obtained between the analytical results and field observations.
A parametric study is carried out on an excavation in an almost incompressible 
elastic soil, chosen to be reasonably representative of London Clay. While the 
presence of a cantilever diaphragm wall reduces elastic displacements in the 
■vicinity of the excavation, it is found that prestressed tiebacks are required 
to achieve a considerable reduction. The influence of the tiebacks is very de­
pendent on the level of prestress, but relatively insensitive to either inclina­
tion or distance to the anchor zone. The study also shows that taking soil an­
isotropy into account changes the magnitude, though not the pattern of displace­
ment. Assuming the soil to behave in a time-independent elastic manner, the 
results of undrained and drained analyses are compared. A moderate increase 
in excavation movements is predicted due to drainage.
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NOTATION
The following is a list of the main symbols used. Other symbols are de­
fined in the text.
A Area
{a) Vector of nodal displacements
{a } Vector of element nodal displacements
B Width of excavation
[B] Strain-displacement matrix
[C], [C ] Elastic compliance matrix in plane strain, three dimensions
D Depth of diaphragm wall
[D], [Dg] Elastic rigidity matrix in plane strain, three dimensions
E(E') Young’s modulus for total (effective) stress analysis of
isotropic elastic soil
Ey, ER (E^ , E^ ) Vertical, Horizontal Young's modulus for total (effective)
stress analysis of cross-anisotropic elastic soil
E Young’s modulus of concretec
Es Young’s modulus of prestressing cable
E0 Young’s modulus of cross-anisotropic soil in a direction
inclined with respect to the material axes 
e Error in measurement of pore water pressure
(f> Vector of nodal forces
{fseep} Vector of nodal forces, statically equivalent to the change
in pore pressure, caused by steady-state seepage 
{f } Vector of nodal forces, statically equivalent to a distrib­
uted surface loading on an element boundary 
f . Component of {f } in the x-direction at node i
UA-L L
G, G’ Shear modulus of isotropic elastic soil
9VH7 9WI Shear modulus of cross-anisotropic elastic soil
H Depth of excavation
h Total head in steady-state seepage analysis
[I] Identity matrix
K(K’) Bulk modulus for total (effective) stress analysis of elastic
soil
K& Active earth pressure coefficient
At rest earth pressure coefficient 
Global stiffness matrix 
Element stiffness matrix 
Interface element stiffness matrix 
Element of [Ke]
Normal (shear) stiffness in an interface element
Soil permeability in the x, z directions
Length of element or element side
Lower triangular matrix in Cholesky decomposition
Area co-ordinates of triangular element
Lengths of element sides used in pressure computation
Element of [L]
Direction cosine matrix
Slope of effective stress path in an undrained triaxial test 
on a vertical (horizontal) sample of cross-anisotropic elas­
tic soil
Slope of effective stress path in an undrained plane strain 
test on a vertical (horizontal) sample of cross-anisotropic 
elastic soil
Ratio Gyn / Ev (Gfo / Ep 
Interpolation function matrix
Dimensionless number associated with excavations (= Y /^s 3^ 
Number of integration points 
Interpolation function for node i 
Ratio Eh ! ^  ! E vj
Total vertical (horizontal) load released due to excavation 
Vector of soil pressures on the back of the wall 
Displacement transformation matrix
Compressibility ratio under uniaxial stress in the principal
directions
Surface area
Nodal force - pressure matrix
Undrained shear strength below the base of an excavation
Thickness of diaphragm wall
Strain transformation matrix
Stress transformation matrix
Vector of distributed loads
Vector of nodal values of distributed loads
U Strain Energy
T[U] Upper triagular matrix such that [U] [U] - [D]
u Pore pressure
{u} Vector of pore pressures
{Au} Vector of changes in pore pressure
vu Weighting factor
x, y, z Cartesian co-ordinate directions
1 + VHH 
3 1  -  nV^y^
y Bulk specific gravity of saturated clay
Yw Specific gravity of water
Y > Y > Y Cartesian shear stressesxy yz zx
A Characteristic displacment of an excavation
AV/V Volumetric strain
[e] Cartesian strain tensor
{e} Cartesian strain vector
£y Volumetric strain
e , e , £ Cartesian normal strainsx y z
n, £ Local co-ordinates of interface element
0 Angle
A Rate of increase of Ev with depth
v(v') Isotropic Poisson's ratio for total (effective) stress
analysis
VHH^VHH'1 Cross-anisotropic Poisson's ratio in the horizontal plane
for total (effective) stress analysis
vVH^vVH^  Cross-anisotropic Poisson's ratio in the vertical plane for
total (effective) stress analysis
{cr},{af} Cartesian total (effective) stress vector
0 . 0 , 0  Cartesian normal total stressesx y z
o', a', a' Cartesian normal effective stressesx y z
o.r> Or. Vertical/Horizontal total stress
V ri
oJT, oL Vertical/Horizontal effective stress
V n
x , t .. x Cartesian shear stressesxy yz zx
t^ Component of distributed load in the x-direction at node i
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1CHAPTER 1 
INTRODUCTION
In recent years, diaphragm walling has developed rapidly as a popular 
method of supporting excavations, primarily in large urban areas® A well con­
structed reinforced concrete diaphragm wall constitutes a stiff relatively im­
permeable structure, which may be-used to control ground movements and seepage. 
In addition it offers the advantage of relatively unobstructed working space in­
side the excavation, facilitating speedy construction. As a diaphragm wall may 
be incorporated in the permanent structure, it is particularly useful in supp­
orting the vertical sides of excavations for deep basements and road underpasses 
Wall construction is considered in some detail by Hanna (1978) in a recent re­
view paper.
Diaphragm walls are invariably constructed very close to existing build­
ings, which have not been designed to tolerate movements resulting from an ad­
jacent deep excavation, at some future date. Indeed, such existing buildings 
may have already undergone differential movements, close to those tolerable, 
without any excavation having taken place. While buildings are usually designed 
to tolerate a reasonable amount of differential vertical movement, they are less 
able to accommodate the differential horizontal movement, that could dominate 
near an excavation. As the depths to which excavations are taken increase, so 
too does concern about the movements occurring in and behind the excavation.
Prior to Peck’s (1969) state-of-the-art on deep excavations, little in­
formation existed on the subject, and much reliance was placed on the recommenda 
tions, made by Terzaghi and Peck (1967), for braced sheeted excavations. Since 
then the observation and analysis of the behaviour of wall supported excavations 
has become a prominent research topic. Much information has been obtained on 
the order of movements to be expected and the parameters that are likely to be 
most important. Nevertheless, there is still a considerable lack of confidence 
in predicting the movements for a particular situation, due to the number of 
variables involved and the difficulty in assessing the deformation behaviour of 
the in situ soil.
1 .1  Background
2Diaphragm walls have been used to support deep excavations in London 
Clay, for a number of years.- Monitoring of the performance of excavations has 
been undertaken on a number of occasions, primarily by the staff of the Geo­
technics Division, Building Research Establishment (Burland, 1977), Finite 
element analysis of the performance of these excavations has to date been cen­
tred mostly on braced excavations (Cole and Burland, 1972; St. John, 1975; 
Burland and Hancock, 1977), The observed behaviour of a diaphragm wall, perma­
nently anchored in the London Clay, has been reported by Sills et al„ (1977).
In a recent paper, Simpson et al» (1979) have presented an el as to--plastic 
stress-strain model for London Clay, and used it to analyse laboratory tests, 
field tests, and both a braced and anchored excavation.
Although a cantilever diaphragm wall is sometimes used, additional wall 
support is usually provided by bracing within the excavation or by prestressed 
tiebacks, anchored deep in the retained soil, in order to reduce movements to 
a -minimum. Bracing within the excavation is the traditional method of provi­
ding temporary support to deep basement excavations. As construction progresses 
the bracing is gradually removed, and permanent support is provided by the 
basement floors of the structure. In order to eliminate the congestion caused 
by internal bracing, it is possible to construct the basement from the top down 
in a mining operation, having previously installed the floor-supporting columns 
(Burland and Hancock, 1977). Installation of prestressed tiebacks, anchored 
deep in the retained soil, is an alternative and increasingly popular method 
of providing wall support. Although originally used in a temporary capacity, 
anchoring is now used as a means of permanently supporting a diaphragm wall 
(Sills et al., 1977), and is well suited to excavations that remain permanently 
open.
1.2 Scope of the thesis
The basic object of the research, reported in this thesis, is to invest­
igate, by means of finite element analysis, the behaviour of excavations sup­
ported by anchored diaphragm walls, with particular reference to heavily over­
consolidated saturated London Clay.
In order to achieve this end, the behaviour of wall supported excavations, 
in general, is reviewed. The deformation behaviour of London Clay is considered 
in terms of cross-anisotropic linear elasticity. A plane elastic finite ele­
ment program, capable of analysing a section through a diaphragm wall supported
3excavation, is developed, and used as follows:
1. To back analyse the in situ undrained stiffness of the London Clay 
at Neasden, using the field observations reported by Sills et al. 
(1977).
2. To carry out a parametric study on an anchored diaphragm wall sup­
ported excavation, in an incompressible cross-anisotropic linear 
elastic material, chosen to be representative of undrained saturated 
London Clay.
3. To compare undrained and drained deformation of an excavation, on the 
basis of time-independent behaviour of the soil skeleton.
4REVIEW OF THE BEHAVIOUR OF WALL SUPPORTED EXCAVATIONS
2.1 Introduction
In his state-of-the-art report on deep excavations, Peck (1969) com­
mented on the scarcity of case histories and called for an increased effort 
in monitoring performance. Since then numerous publications have appeared, 
and the subject has been prominent at technical conferences (e.g., Lambe, 1970; 
Bjerrum et al., 1972; ICE, 1974). The extensive literature, which now exists, 
covers a wide variety of situations, including analytical, experimental and 
field studies. Three main types of wall are used: reinforced concrete dia­
phragm wall, sheet piling, and soldier piles with wood or concrete lagging.
Wall support is generally provided by bracing within the excavation or by tie­
backs, anchored in rock or deep in the retained soil. Although the present 
work is concerned with the behaviour of anchored diaphragm walls, a review of 
the wider problem of wall supported excavations is desirable in order to pro­
vide guidance for a parametric study.
Any rational consideration of the movements, in and around deep excava­
tions, requires an awareness of the many factors that are likely to influence 
performance. In what follows, a review of the literature on the subject is 
presented, simultaneously with an assessment of the relative importance of the 
various physical aspects of the problem. This is followed by a brief review 
of methods of analysis and design. The chapter concludes with a summary of 
the performance of wall supported excavations, insofar as physical measurements 
permit.
CHAPTER 2
52.2 Factors that influence excavation behaviour
2.2.1 Slurry wall construction
To assess the influence of wall construction on the surrounding ground, 
it is necessary to consider the stability of the slurry trench, the soil move­
ments in the vicinity of a stable trench, and the pressures, prior to mass 
excavation, at the interface of the soil and wall. The widespread use of dia­
phragm walls suggests that it is possible to excavate a stable trench, using 
slurry methods, Huder (1972) considered the stability of slurry trenches for 
a variety of soil conditions, and concluded that the system could be used in 
very weak clays. Trench stability depends both on the properties of the soil 
and slurry, and on the geometry of the trench (Meyerhof, 1972). From a prac­
tical viewpoint, control of both the quality and level of the bentonite slurry 
is necessary to ensure stability (Littlejohn et al., 1971; Nash, 1974). An 
interesting field test carried out in soft clay in Oslo showed an increase in 
surface settlement, as the slurry, supporting the walls of a trench, firstly 
had its density lowered, and was then replaced by water (Dibiagio and Myrvoll, 
1972).
Ground movements appear to depend on the type of soil encountered. 
Observations on two diaphragm walls, constructed in interbedded sands and clays 
in Chicago, suggest that no significant ground movements occurred due to wall 
installation (Cunningham and Fernandez, 1972). During excavation for a 17 m 
deep wall through glacial till in Montreal, a maximum lateral movement of
1.3 mm was recorded at a depth of 7.6 m (Rosenberg et al., 1977). A 24 m deep 
diaphragm wall excavation in highly overconsolidated Boston Blue Clay showed a 
maximum inward movement of 19 mm, about half of which was recovered upon con­
creting (Lambe et al., 1972). The net movement during this phase of the work 
contributed about one third of the total lateral movement after excavation. 
Observations on diaphragm wall excavations in London Clay indicate that sig­
nificant ground movements occur during excavation of the slurry trench (Farmer 
and Attewell, 1973; St. John, 1975). Based on their observations on the ground 
movements, associated with the construction of an underground car park in 
London, Burland and Hancock (1977) concluded that the vertical and horizontal 
ground movements outside the excavation, due to the installation of the dia­
phragm walls and piling, amounted to approximately fifty per cent of the total 
movements recorded on conpletion of the main excavation.
6There is a scarcity of published data on the pressure distribution at 
the interface between the soil and diaphragm wall, prior to excavation. A 
field test was carried out in Oslo on a panel excavated 20 m deep through a 
normally consolidated soft silty clay to bedrock of alum slate (Dibiagio and 
Roti, 1972). During concreting, wall pressure increased to the hydrostatic 
pressure of the fresh concrete, and thereafter decreased a little, due to 
shrinkage, to a value close to the expected in situ soil pressure. Tests, on 
both bored piles and a diaphragm wall panel, indicate that the presence of 
bentonite slurry during concreting does not adversely affect the later develop­
ment of skin friction between the soil and wall (Farmer et al., 1970; Corbett 
et al., 1974).
2.2.2 Wall characteristics
The restraining effect of a wall supporting an excavation may be con­
sidered in terms of its bending stiffness and depth of penetration below the 
base of the excavation. Finite element analytical studies on excavations in 
clay indicate that the presence of a wall has mainly a smoothing effect on 
displacements, and that large increases in wall stiffness are required to re­
duce displacements significantly (Wong, 1971; Clough and Tsui, 1974; St. John,
1975). On the other hand, parametric studies on a braced excavation in soft 
Oslo clay indicate that the wall stiffness is very important (Palmer and 
Kenney, 1972). There is a case on record where a braced excavation in Boston 
Blue Clay was supported, at different locations on the same site, by both 
sheet piling and a diaphragm wall (Lambe et al., 1972). During excavation 
the maximum lateral wall movements were 25 mm for the diaphragm wall and 175 mm 
for the steel wall. The large difference may have been partly due to inferior 
bracing of the sheet pile wall.
From observations made in Chicago, it was concluded that wall depth 
should be governed only by consideration of bottom heave failure, unless the 
wall is keyed into a highly resistant stratum (Cunningham and Fernandez, 1972). 
This observation is supported by finite element analysis, which suggests that 
toe-fixing halves the maximum horizontal wall movement (Stroh and Breth, 1976). 
Where the depth of embedment is equal, it has been suggested by Egger (1972) 
that a flexible wall mobilises a higher passive pressure near the base of the 
excavation, whereas a stiffer wall distributes the pressure over a greater 
depth.
7Tests on concrete poured under bentonite have shown no reduction in 
modulus of elasticity or strength (Veder and Kienberger, 1969; Fuchsberger 
and Gysi, 1978). Although cast in situ walls are very widely used, it has 
been suggested that precast wall panels possess certain advantages and are 
likely to become more popular (Leonard, 1974) .
2.2.5 Wall support system
An excavation supporting wall is generally supported itself, either by 
bracing within the excavation, or by tiebacks to anchors deep in the retained 
soil. Occasionally a cantilever wall is used, when keying of the toe into a 
highly resistant stratum is possible. A 9 m deep excavation in stiff London 
Clay, supported by a 17 m deep cantilever diaphragm wall, keyed into the stiffer 
Woolwich and Reading Beds, showed a maximum horizontal wall movement of 16 mm 
(St. John, 1975). Comparison of the performance of braced and anchored excava­
tions is difficult for a number of reasons. While bracing members are in­
herently much stiffer than anchored tiebacks, in general anchors are prestressed 
to increase their restraining potential. In contrast to this, the movements, 
which sometimes occur to bring wall and bracing into contact, reduce the 
effective stiffness of a braced support system. It has been suggested that 
the effective stiffness may be very much below the theoretical value (Palmer 
and Kenney, 1972). A recent comprehensive survey of the maximum horizontal 
movements of deep excavations (See Fig. 2.1) showed little correlation between 
maximum movement and type of wall support system (Crofts et al., 1977). In­
spection of a summary of movements associated with deep excavations in London 
Clay (St. John, 1975) suggests that the maximum horizontal movement of 
the wall tends to occur near the excavation base for braced walls, and near 
the top of the wall for anchored or cantilever walls. In a braced excavation, 
wall movement always tends to be concentrated below the current bracing level, 
leading to a maximum movement near the excavation base (Palmer and Kenney,
1972; Izumi et al., 1976). Use of prestressed anchors placed in the retained 
soil has led to significant horizontal movements of the soil mass, in and 
beyond the anchor zone (Stroh and Breth, 1976; Sills et al., 1977).
For tied back walls, as might be intuitively expected, anchor prestressing 
has a very significant effect on excavation behaviour (Clough and Tsui, 1974).
As a result of model experiments on tied back retaining walls in sand, Hanna 
and Matallana (1970) recommended, for design purposes, that the tieback pre­
stress be calculated assuming a trapezium shaped earth load, based on an earth
pressure coefficient equal to (K + K ) / 2 (see Fig. 2.2), on the basis thatO 3*
it generally yielded the smallest movements in the retained soil. Similar 
model experiments have indicated that wall movement increases as the inclina­
tion of the anchors to the horizontal increases (Anderson et al., 1977). 
Excessively inclined anchors have caused bearing capacity failure at the base 
of sheet pile walls in soft clay (Broms and Stille, 1976). Analytical studies 
indicate that an increase in anchor length may significantly reduce wall move­
ments (Stroh and Breth, 1976). Observations on an anchored excavation, in 
heavily overconsolidated stiff fissured clay, suggested that little anchor 
load was required at the base of the excavation for stability (Clough et al.,
1972).
Stability problems are sometimes encountered when soil anchors are used. 
Overall stability analysis of tied back excavations, with special reference 
to practice, has been extensively discussed by Ostermayer (1976). Tsui (1974) 
has recommended that the fixed anchor zone be placed outside an arc, centred 
on the top of the wall, with the wall height as radius. Local failures, due 
to prestressing in clayey soils, have been known to occur. During heavy 
prestressing of anchors, supporting a 12 m deep excavation through clay to 
shale bedrock in Ottawa, prestressing losses of one third the applied prestress 
were noted (McRostie et al., 1972). The losses were attributed to yielding 
of the clay immediately behind the excavation. To avoid this type of problem, 
Littlejohn and MacFarlane (1974) recommended that the top anchor should be 
not nearer than 1.5 m to the top of the wall. Problems associated with the 
use of ground anchors in London Clay have been discussed by Mitchell (1974), 
who suggested some field procedures to help ensure satisfactory behaviour. 
Anchor failure, during testing in stiff grey clay at Washington, was associated 
with a slow creep immediately on loading (Ware et al., 1973), and a 30 minute 
load test was recommended.
A recent and interesting development in wall support has been the 
vertical prestressing of the diaphragm wall, ideally to eliminate tensile 
stresses in the wall, and consequently to reduce considerably the number of 
soil anchors required (Gysi et al., 1977; Fuchsberger and Gysi, 1978).
2.2.4 Excavation geometry
The geometry of an excavation affects both the movements and stability
9of the retained soil mass. Analysis has shown that displacements increase 
by a proportionally greater amount as the depth of excavation increases 
(Clough and Tsui, 1974). Due to the large deformations observed in deep 
anchored excavations in the heavily overconsolidated Frankfurt Clay, limits 
have been placed on the depths of excavation for which anchor support is 
permitted (Stroh and Breth, 1976) . In an enclosed excavation, for example, 
for a deep basement, the restraint provided by the comers may be considerable 
(St. John, 1975). Observations on the profile of wall movement around the 
perimeter of a 20 m deep basement excavation in London, have shown displace­
ments increasing steadily from a very small value at the comers to a max­
imum at the centre of run of the wall (Cole and Burland, 1972) .
Even if the walls supporting an excavation are sufficiently restrained 
to prevent horizontal movement, heave of the base occurs and the possibility 
of a base failure exists. Expressions found in the literature (Terzaghi,
1943; Bjerrum and Eide, 1956; Tschebotarioff, 1973) suggest that the critical 
depth for a base failure decreases as the length or breadth of an excavation 
increases (see Fig. 2.3). Bjerrum and Eide (1956) examined a number of base 
failures in excavations, mainly in the soft Norwegian clays, and concluded 
that the safety factor against such a failure could be reliably predicted.
Peck (1969) has suggested that, for soft clay, base heave is elastic, if the 
dimensionless number N^ = YH/Sub 3s less than 3 *1 4 , where sub is the undrained 
shear strength below the excavation base.
2.2.5 Soil properties
The importance of soil properties, in determining the movements around 
deep excavations, has been stressed by Peck (1969), who, on the basis of a 
collection of field studies, suggested expected ranges of ground settlement 
for different soil conditions (Fig. 2.4). Evaluation of the influence of the 
soil properties is made difficult by the complex and variable nature of in 
situ soil masses. The soil profile often varies significantly over the depth, 
width and length of an excavation. To complicate matters further, the short­
term response of the soil to excavation may be followed by a time-dependent 
phase, primarily in clay soils, giving rise to a different long-term distribu­
tion and magnitude of movement. Wall movements in excavations in the heavily 
overconsolidated stiff fissured London Clay have been observed to be strongly 
time-dependent (Cole and Burland, 1972; St. John, 1975; Sills et al., 1977).
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It has been suggested that this is due to a progressive reduction in the 
stiffness of the fissured clay outside the excavation, especially near the 
ground surface (Cole and Burland, 1972). Where excavation is carried out in 
saturated clays, the short-term response of the soil is relatively incompress­
ible, whereas swelling due to unloading occurs in the longer term, possibly 
over a period of decades (Walbancke, 1976). Incompressible behaviour suggests 
that any lateral movement of the excavation face, or heave of the base, is 
likely to be accompanied by surface settlements in the short-term (Palmer and 
Kenney, 1972). At an excavation in soft Oslo clay, where large surface settle­
ments up to 175 mm were recorded, field records suggest that no volume change 
occurred immediately after excavation (Flaate, 1966).
The stress history of the soil is generally, believed to have a significant 
influence on the behaviour of an excavation (Stroh and Breth, 1976; Anderson 
et al., 1977). A simple parameter to describe the complex stress history is 
the soil overconsolidation ratio (OCR), which is a measure of the depth of 
overburden removed due to geological processes. Experiments on a number of 
different soils have shown that the at rest earth pressure coefficient, K , 
increases with increasing OCR (Brooker and Ireland, 1965). As the horizontal 
stresses released on the vertical face of a deep excavation are generally 
believed to be at or close to the in situ stresses, the magnitude of stress 
release should increase with increasing OCR. Similarly the ratio of hori­
zontal to vertical stiffness might be expected to increase, though not to the 
same extent, with increasing OCR. Experimental work on London Clay suggests 
that the horizontal soil stiffness is approximately twice that in the vertical 
direction (Atkinson, 1975). For London Clay, Kq is believed to be of the 
order of 3 at the surface, decreasing with depth (Skempton, 1961; Bishop et 
al., 1965; Windle and Wroth, 1977). For a heavily overconsolidated stiff 
fissured clay at Seattle, Washington a value of K * 1.3 was used in finite 
element analysis (Clough et al., 1972). In a series of experiments on a model 
rigid smooth retaining wall in sand, anchored by tiebacks, prestressed as 
recommended by Hanna and Matallana (1970), it was found that horizontal wall 
movements increased as the OCR increased (Anderson et al., 1977). Analytical 
work on deep excavations in heavily overconsolidated Frankfurt Clay suggests 
that wall displacements increase with increasing Kq (Stroh, 1974). A parametric 
study of braced excavations carried out by Wong (1971) suggested that wall 
stresses increased with increasing OCR, but that wall movements were little 
affected.
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2.2.6 Mass excavation procedures
Any assessment of the behaviour of an excavation requires an assessment 
of the influence of construction techniques. This subject has already been 
briefly touched upon, as the installation of a support system forms an im­
portant part of any excavation procedure. It has been suggested that braces, 
although inherently stiffer than tiebacks, are likely to be installed at a 
later stage in the excavation, by which time additional displacement has occurred 
(Clough and Tsui, 1974). This problem of overexcavation, before installation 
of bracing, certainly exists where the support is temporary, but may be avoided 
for permanent bracing by a suitable choice of construction procedure. The 
multi-storey underground car park at the House of Commons,London was constructed 
using an "upside-down" technique, whereby each floor (i.e. brace level) was 
cast before excavation beneath that level took place (Burland and Hancock, 1977) . 
The bracing was in this case installed without any overexcavation.
During excavation a perimeter berm is often left at the base of the ex­
cavation, in order to reduce displacements before installation of adequate 
support (Cole and Burland, 1972; St. John, 1975). Observations on a deep 
excavation in soft clay indicated that little movement occurred before berm 
removal (Insley, 1972).
In spite of every effort made to anticipate and accommodate construction 
procedures in the design stages of an excavation support system, changes can 
and do occur, causing many headaches for those involved. A very interesting 
experience along these lines, involving a tied back excavation in soft varved 
clay at Hartford, Connecticut, has been described by Murphy et al. (1975).
During construction there was a serious change in procedure, when the con­
tractor was allowed to replace the designer^ inclined ties by a single hori­
zontal tie to a deadman. Revised finite element analysis predicted an increase 
in horizontal movement of 100%. Subsequent observation of movement showed 
the design to be conservative, and a further revised analysis predicted the 
final movements at an early stage of the excavation.
2.2.7 Groundwater
As a deep excavation is rarely carried out in a completely dry soil, it 
is important to consider the effect of groundwater on both the stability and
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movements of an excavation. In practice, the groundwater table is often at 
or near the ground surface, and excavation gives rise to a difference in head 
of water across the supporting wall.
Where the excavation is carried out completely in sand and gravel, the 
head difference causes rapid upward seepage to develop through the base, and 
the possibility of a 'piping* or 'boiling1 failure exists (McNamee, 1949).
Model tests have shown that this type of failure is most likely to occur, where 
fine sand at the base is underlain by a coarser granular material (Marsland, 
1953). In practice, this potential problem is alleviated by mechanical de­
watering. Where the sheeting or wall completely penetrates an impervious 
layer of soil, the possibility of a 'plug failure', due to uplift water pressure, 
arises (Ward, 1957). In this situation, if the saturated bulk weight of soil 
above the bottom of the clay is insufficient to balance the uplift water force, 
then some of the shear resistance of the clay is mobilised. Disturbance of 
the clay due to wall penetration may reduce its shear strength, thereby in­
creasing the likelihood of failure. This phenomenon has been illustrated in 
a number of field studies (Milligan and Lo, 1970). In one excavation, base 
failure occurred due to pile driving within the excavation. It has been 
recommended that sheeting should not extend beyond the base, unless provision 
is made to relieve pore pressures beneath the excavation (Milligan and Lo,
1970) .
Time-dependent displacements are likely to occur in clay soils, due to 
the dissipation of excess pore pressures, caused by excavation, and to the 
slow attainment of steady-state seepage conditions, arising from the long­
term head difference across the wall. A significant reduction in pore pressure 
in the region behind the face of an excavation has been observed in London 
Clay (Burland and Hancock, 1977; Sills et al., 1977) and Boston Blue Clay 
(Lambe et al., 1972). Dissipation of these negative excess pore pressures 
is accompanied by soil swelling. On the other hand, steady-state seepage is 
associated with a general reduction in pore pressure causing consolidation.
In the long term, therefore, zones of swelling and consolidation will exist 
within the soil mass as a result of excavation.
In severe climatic conditions, the freezing and consequent expansion of 
groundwater may have a detrimental effect on excavation performance. A care­
fully controlled diaphragm wall supported excavation, through glacial till 
to shale bedrock in Montreal, has been reported by Rosenberg et al. (1977).
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At the end of excavation, the top of the wall was observed to have moved 2 mm 
towards the excavation. Due to frost penetration this increased to 22.9 mm 
during the winter, and thereafter decreased to 7 mm upon thawing. Failure of 
sheet pile walls in clays has been observed due to frost loading caused by 
lateral expansion of the soil (Broms and Stille, 1976).
2.3 Review of methods of analysis and design
2.3.1 Conventional analysis
For many years, designers have treated braced and anchored retaining 
walls as isolated structural members loaded by soil and water pressures, com­
puted by empirical or semi-empirical methods (CP2, 1951). For anchored walls 
it is often assumed that movements are sufficient to mobilise Rankine active 
and passive soil pressure conditions on the back and front of the wall, re­
spectively. The wall is considered to be a beam supported by anchors and the 
soil near the base of the wall. A condition of "free earth support” or "fixed 
earth support" is assumed (Fig. 2.5), depending on the depth of penetration 
of the wall below the base of the excavation (Terzaghi, 1943). Although CP2 
(1951) favours the use of an analysis based on a "fixed earth support", where 
the required wall embedment can be achieved, sheet pile walls are generally 
designed assuming a "free earth support" as this has proved to be adequate in 
practice. Based on observations of actual strut loads in braced excavations, 
Terzaghi and Peck (1967) suggested apparent pressure diagrams (Fig. 2.6), 
from which maximum strut loads could be calculated. These pressure diagrams 
were not intended to represent the real distribution of earth pressure on the 
face of an excavation, but only to provide a means for computing the maximum 
strut loads that might arise due to excavation. Other similar, though different, 
apparent pressure diagrams have been put forward and used with varying degrees 
of success in the design of braced excavations (Peck, 1943; Tschebotarioff,
1973). Design decisions are invariably influenced considerably by an engin­
eer’ s judgement in the light of experience (Golder et al„, 1970). The analysis 
and design of diaphragm walls has been recently discussed by Hanna (1978), in 
a review paper. The conventional methods, though widely used, possess two 
major limitations. Soil-structure interaction is only marginally considered, 
leading to possibly unrealistic design assumptions. Secondly, there is no 
rational method of calculating ground movements, which are generally estimated
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by judgement based on experience (e.g., Peck, 1969). Comparison of different 
soil support systems is very difficult due to the lack of rational analysis.
2.5.2 Discrete element analysis
In order to allow for interaction between the wall and the adjacent 
soil, the problem may be treated as an elastic beam on a Winkler foundation 
(Haliburton, 1968). The beam is represented as a number of discrete elements, 
and anchors or braces are included as spring supports. Soil-structure inter­
action is modelled by means of a non-linear coefficient of subgrade reaction.
The analysis provides horizontal wall deflections, wall bending moments and 
soil pressures on the wall. Haliburton (1968) found that the analysis was 
in reasonable agreement with the model experimental work of Rowe (1952) on 
a single-tied sheet pile wall in sand. The differences were attributed to 
the lack of wall friction in the numerical model.
An analytical procedure presented by Fages and Gallet (1973) differed 
slightly from Haliburton (1968) in that it had an elasto-plastic coefficient 
of subgrade reaction, and incorporated hysteresis of the soil, James and 
Jack (1974) modelled a multi-tied wall as a continuous beam with either 
elastic or unyielding anchor points. Where more than one tie was used, a 
repetitive single-tied wall design was performed. In this approach, wall- 
soil interaction is confined to the passive reaction of the soil in front of 
the wall, the reaction being provided by equivalent soil springs. An active 
earth pressure distribution is assumed on the back of the wall. Design bend­
ing moments obtained using this method have been found to be in good agreement 
with bending moments deduced from inclinometer readings in an instrumented 
diaphragm wall in London Clay (Littlejohn and MacFarlane, 1974). Another 
similar approach, incorporating bilinear elastic strut springs and elasto- 
plastic soil springs, has been used to analyse braced walls in very soft 
alluvium in Tokyo (Miyoshi, 1977) . In addition, the method accounts for the 
construction sequence and width of excavation. Excellent agreement was noted 
between observed and predicted wall displacements and bending moments, for 
both steel and reinforced concrete walls.
The above described methods of analysis represent an improvement, in 
so far as they attempt to model the soil-structure interaction. A new problem, 
namely the definition of the artificial coefficient of subgrade reaction, arises.
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This coefficient is dependent on the size of the loaded area and the stiffness 
of both the soil and wall; it does not represent a fundamental material para­
meter. For this reason, its evaluation may prove difficult, even for a 
situation only slightly different from a previous experience.
2.5.5 Finite element analysis
Provided the fundamental deformation parameters of the various components 
of the excavation problem can be ascertained, finite element analysis enables 
most of the previously mentioned difficulties to be overcome. The finite 
element method has to date been widely used to help solve geotechnical 
engineering problems; a recent comprehensive review of its applications in 
this field may be found elsewhere (Kalteziotis, 1-979). For deformation prob­
lems, the finite element displacement method is normally used (Zienkiewicz,
1977). Basically, the continuum is divided into a number of elements, within 
which displacements are assumed to vary, in a standard polynomial manner, as 
a function of displacements at nodal points on the element boundary. The 
elements are interconnected at these boundary nodal points. Load-displacement 
equations are assembled for each element and combined to form a global set 
of equations, which are then solved to yield the unknown nodal displacements 
for a prescribed loading condition. To analyse a wall supported excavation, 
behavioural models are required for the soil, wall, soil-wall interface and 
wall support system. It is also necessary to take account of the sequential 
nature of the excavation procedure, involving alternate excavation and anchor­
ing or bracing stages. This review is not concerned with the details of finite 
element analysis of excavations, but rather with past applications of the meth­
od to wall supported excavations, and the soil models used therein.
The constitutive relationship used for the soil stress-strain behaviour 
represents the most significant fundamental difference between the various 
analyses reported in the literature. Analytical modelling of the complex re­
sponse to external loading of in situ soil masses is indeed a very controversial 
subject. A typical soil mass invariably behaves in a non-linear, non-homogeneous, 
time-dependent manner. Difficulties in modelling the stress-strain relationship 
of such a material are compounded by the problems associated with the extraction 
of undisturbed representative specimens of soil from the ground, and their sub­
sequent testing in the laboratory, under conditions very different from those 
in the field. The influence of sampling disturbance on the laboratory behaviour
16
of soil is an important research topic (Skempton and Sowa, 1963; Sutton, 1979). 
Problems associated with the unreliability of laboratory testing as a means of 
obtaining deformation parameters for in situ soil have led to an ever increas­
ing interest in the use of in situ soil testing (Marsland, 1971; Windle and 
Wroth, 1977) and back analysis of well instrumented full-scale field problems 
(Burland, 1977).
The soil constitutive models, used in the finite element analysis of deep 
excavations, may be broadly classified as either linear elastic, non-linear elas­
tic, or elasto-plastic, in increasing order of complexity. It has been sug­
gested that, when the factor of safety against bottom heave failure is high, 
there is some confidence that the theory of elasticity may be used to predict 
displacements (Morgenstem and Eisenstein, 1970). Linear elastic finite ele­
ment analysis has been used with some success to predict (Ward and Burland,
1973; Barla and Mascardi, 1974) and to back analyse (Cole and Burland, 1972; 
Rodrigues, 1975; St. John, 1975) the behaviour of wall supported deep excava­
tions in overconsolidated clays. The back analysis of a 20 m deep excavation 
in London Clay, supported by a propped diaphragm wall, suggested a significant 
increase with depth in the soil stiffness (Cole and Burland, 1972). A decrease 
with time in the stiffness of the clay near the surface was noted and attributed 
to the opening of fissures. The horizontal wall movements predicted for an
18.5 m deep braced excavation in London Clay (Ward and Burland, 1973) were later 
shown to be in very good agreement with observations (Burland and Hancock, 1977), 
considering the complex excavation procedure. Linear elastic finite element 
analysis was used to predict the movements of a 34 m deep excavation, supported 
by an anchored diaphragm wall, in overconsolidated clay and limestone boulders 
in Genoa; good agreement with the measured movements was obtained (Barla and 
Mascardi, 1974). Delmas et al. (1977) concluded that linear elastic finite ele­
ment analysis of an anchored excavation, in sand overlying stiff clay, gave a 
realistic global picture of the behaviour of the excavation and its environs.
It is widely accepted that the load-deformation curve for a soil, especial­
ly if normally consolidated, may be significantly non-linear, even where the 
factor of safety against failure is high (Davis and Poulos, 1968). Because of 
this, non-linear elastic soil models have been widely used in the finite ele­
ment analysis of geotechnical problems. The simplest form of non-linear model 
arises when the non-linear stress-strain curve of the soil is represented by a 
series of straight lines (Fig. 2.7). Such a piecewise linearly elastic model 
has been used in the analysis of the performance of braced excavations (Wong,
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1971). The most widely used non-linear elastic model is the hyperbolic model 
(Kondner, 1963), which was adapted for finite element analysis by Duncan and 
Chang (1970). Both the tangent modulus for primary loading and the Poisson’s 
ratio (Kulhawy and Duncan, 1972) of the soil are dependent on the soil stress 
level and proximity to failure, as defined by a Mohr-Coulomb yield criterion.
The unloading-reloading modulus depends only on the stress level in the soil.
Nine material constants are required to define completely the model - five 
for the tangent modulus;, one and three additional constants for the unload- 
reload modulus and Poisson’s ratio, respectively. The number of material para­
meters may be less in certain circumstances, e.g., modelling of the undrained 
loading of a saturated clay requires only five parameters (Clough and Mana,
1976). A similar model has been developed for soil-structure interaction by 
Clough and Duncan (1971), who, in the finite element analysis of retaining 
wall behaviour, simulated the wall/soil interface using the one-dimensional 
interface element due to Goodman et al. (1968). The non-linear stress-dependent 
behaviour was modelled by means of shear box tests and the hyperbolic stress- 
strain curve.
The hyperbolic soil model was used in finite element design studies for 
a 19.5 m deep excavation, supported by four rows of anchors, in stiff fissured 
clay at Seattle (Clough et al., 1972). Different design proposals were assess­
ed and a soldier pile and wood lagging wall was finally chosen. Observations 
during construction and subsequent reanalysis indicated overstressing of the 
anchors, resulting in a decision to reduce prestressing and the number of ties 
at the lower levels of the wall. It was suggested that the economies achieved 
in construction more than offset the cost of the analysis. The behaviour of 
a gravity retaining wall, behind which the soil backfill was placed in stages, 
has been analysed using the model (Kulhawy, 1974). Computed pressures on the
wall were found to lie between the at rest (K ) and active (K ) conditions, duev oJ K a' 7
to the fact that there was insufficient movement to mobilise the fully active 
state. An extensive parametric study has been carried out on braced and anchored 
excavations in soft clay, underlain by rigid bedrock, into which the toe of 
the wall was keyed (Clough and Tsui, 1974). Braced and anchored support syst­
ems were compared, and the influence of wall stiffness, support stiffness, pre­
stressing load and overexcavation, before support installation, were investi­
gated. Using conservative material parameters, Murphy et al. (1975) performed 
finite element design studies on a 7 m deep anchored excavation and an 11 m 
deep braced excavation, both in varved clay on glacial till. Using the hyper­
bolic stress-strain model for the soil, they found it necessary to base the
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initial tangent modulus on experience and judgement, as laboratory values were 
deemed to be too low and unreliable. The influence of soil model, soil shear 
strength and initial tangent modulus has been considered by Clough and Mana
(1976). They compared a non-linear elastic model (Duncan and Chang, 1970) with 
an elasto-plastic model, employing a von Mises yield criterion (Yamada, 1969).
To obtain agreement between predicted and observed wall deflections, for an 
excavation in San Francisco Bay Mud, initial tangent modulus values for the 
soil were found to be 1200 and 360 times the undrained shear strength, for the 
non-linear elastic and elasto-plastic models, respectively. Such a large diff­
erence in the value of a fundamental deformation parameter is indicative of the 
problems associated with analytical soil modelling. The hyperbolic model has 
been used in a recent parametric study on the behaviour of tied back walls in 
medium dense sand (Al-Shlash, 1979).
Other soil models, some of which are based on that of Duncan and Chang 
(1970), have been proposed and used in the finite element analysis of wall- 
supported excavations. A stress path model has been suggested by Stroh and 
Breth (1976), to model the behaviour of overconsolidated Frankfurt Clay. Diff­
erent stress-strain relations are associated with an increase in major principal 
stress, a decrease in minor principal stress, and unloading-reloading behaviour. 
This model contains an additional stress path, a decrease in minor principal 
stress, to the Duncan and Chang (1970) model. An elasto-plastic soil model, 
using a Mohr-Coulomb failure criterion, was used to analyse an 8.5 m deep excavar 
tion in soft sandy silt in Tokyo (Izumi et al., 1976). Support was provided 
by a sheet pile wall, braced at four levels. The stress-strain relationship 
for the soil was presented in terms of shear, bulk and dilatancy moduli, which 
were expressed as hyperbolic functions, involving the invariants of stress and 
strain. Qualitative agreement was obtained between analytical and measured 
strut loads, wall bending moments and horizontal displacements. The analysis 
predicted heave of the ground surface in contrast to the observed settlement. 
Simpson et al. (1979) have developed an elasto-plastic soil model for the anal­
ysis of ground movements in London Clay. Three ranges of strain - elastic, inter­
mediate and plastic - are identified. Non-linear stress-strain behaviour is 
assumed for the elastic and intermediate ranges, the stiffness being much higher 
for the elastic range, to account for the threshold effect observed in London 
Clay (Som, 1968). Plastic strains are computed assuming a state boundary curve 
and a modified Cam-clay flow rule (Schofield and Wroth, 1968). The model is 
used to back analyse two excavations in London Clay. Very good agreement is
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obtained between measured and computed displacements around the braced excava­
tion (Burland and Hancock, 1977). Less satisfactory correlation between pre­
diction and measurement was found in the case of an anchored diaphragm wall 
supported excavation (Sills et al., 1977).
2.4 Discussion on the performance of wall supported excavations
2.4.1 Movements of soil and wall
The movements associated with deep excavations have been shown to be 
influenced by a number of factors. In his state-of-the-art report, Peck (1969) 
stated that the lack of information, at that time, on movements around excava­
tions in granular soils indicated that large movements had not occurred. He 
also suggested that large movements were to be expected in soft clays, while, 
for stiff clays, movements should be smaller and more elastic. The general 
pattern of movements varies considerably over a wide range of field situations. 
Peck's (1969) surface settlement curves (Fig. 2.4) imply maximum settlement at 
the top of the wall. This has since been observed in a number of excavations 
(Lambe et al., 1970; McRostie et al., 1972; Swatek et al., 1972; Ware et al.,
1973; Sills et al., 1977), the maximum settlement being as high as 1% of ex­
cavation depth (H) in two cases, where braced sheet pile walls were used in 
soft silty soil (Lambe et al., 1970; Swatek et al., 1972). In a number of 
other field studies, the surface settlement was found to occur at some distance 
typically from 0.5H to H, behind the excavation face (Dibiagio and Roti, 1972; 
Lambe et al., 1972; Palmer and Kenney, 1972; Burland and Hancock, 1977; Gysi 
et al., 1977). At the Vaterland I site, Oslo a maximum settlement of 175 mm 
(2.5% of H) occurred 5 m behind a 7 m deep excavation, supported by a braced 
sheet pile wall (Palmer and Kenney, 1972). This extremely large settlement 
was far greater than those observed (0.1% - 0.3% of H) at the other sites re­
ferred to above. Analytical studies on tied walls in soft clays (Clough and 
Tsui, 1974) suggest that the maximum surface settlement occurs at a distance 
of about 0.5H from the excavation. Horizontal surface movements are, with 
some exceptions (e.g., Dibiagio and Roti, 1972), generally greater than settle­
ments. Behind excavations in London Clay, they have been observed to be as 
much as 2-3 times greater than settlements (Cole and Burland, 1972; Sills et al
1977). The lateral extent of surface movements appears to vary considerably;
they may be significant up to a distance of 4H from the excavation (St. John,
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1975; Sills et al., 1977).
Horizontal wall movements are usually of much the same order of magnitude 
as surface movements. Control of wall movement is important, insofar as it 
strongly influences the pattern and magnitude of the deformations occurring in 
the retained soil. It has already been noted that the point on the wall, at 
which maximum horizontal movement occurs, appears to be influenced by the type 
of support system. Generally, where bracing is used, the maximum movement takes 
place somewhere between the lowest level of bracing and the excavation base 
(Dibiagio and Roti, 1972; Palmer and Kenney, 1972; Izumi et al., 1976; Burland 
and Hancock, 1977; Miyoshi, 1977). For anchored walls, the level and distribu­
tion of prestressing has a significant influence on the pattern and magnitude 
of movement (Clough and Tsui, 1974). Maximum movement towards the excavation 
generally occurs between the top and mid-height of the wall (Gysi et al., 1977; 
Sills et al., 1977). A recent survey of a wide variety of deep excavations 
indicated that the maximum horizontal wall movement is generally less than 
0.55% of the excavation depth (Crofts et al., 1977).
Base heave is difficult to measure, because instrumentation within the 
excavation invariably gets damaged during construction. Burland and Hancock
(1977) have reported a base heave, in a braced excavation in London Clay, of 
about twice the maximum horizontal wall movement.
2.4.2 Soil pressures on the wall
Due to the difficulties associated with measuring equipment, there is 
a scarcity of quantitative information on the soil pressures at the back of 
the wall. Pressure measurements on the backs of braced walls, supporting ex­
cavations through very soft alluvium in Tokyo, suggest that an overall pressure 
decrease of about 20% occurred, as a result of excavation (Miyoshi, 1977). In 
a braced excavation in soft Oslo Clay, an overall pressure decrease of about 
30% has been observed (Dibiagio and Roti, 1972). Longer-term measurements at 
this site indicated that the soil pressure on the wall was tending to return 
towards the assumed in situ distribution. Finite element analysis of prestressed 
anchored walls suggests that the soil pressure is greater than the in situ (K ) 
pressure near the top of the wall and less lower down (Clough and Tsui, 1974; 
Stroh, 1974). It is further suggested by Stroh's (1974) analysis that little 
change in pressure occurs at the front of the fixed anchor zone, while behind 
it a drop in horizontal pressure is found.
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Excavation bracing is usually relatively rigid, and designed using the 
envelopes of apparent pressure, suggested by Terzaghi and Peck (1967), on 
the basis of their observations over the years. Due to the temporary nature 
of bracing which is replaced during construction by some permanent structure, 
time-dependent load changes are not very relevant. Where walls were permanent­
ly anchored in the retained soil, there has been, in the past, much concern 
about the possibility of load changes with time, and for this reason many ob­
servations have been made. There is strong evidence, over a range of site 
conditions, that anchor loads do not change significantly with time (James 
and Phillips, 1971; Clough et al., 1972; Larson et al., 1972; Hodgson, 1974; 
Littlejohn and MacFarlane, 1974; Sills et al., 1977). A slight reduction in 
anchor load with time has been observed on occasions (Liu and Dugan, 1972; 
Oosterbaan and Gifford, 1972). It was also noticed that the % reduction in 
load increased as the free anchor length decreased (Liu and Dugan, 1972).
A fully instrumented anchor, placed in clays and sand, has provided an 
invaluable insight into the distribution of stress on the fixed portion of 
an anchor (Oosterbaan and Gifford, 1972). High shear stresses were measured 
near the front of the anchor in the short-term. With time these decreased, 
giving rise to a long-term uniform shear along the anchor length. As a result 
of the field observations, the design approach of Littlejohn (1970), which 
computes anchor capacity in terms of side friction and end bearing, was recom­
mended.
2 , 4 . 3  Support loads
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Figure 2.3 The critical depth of excavations calculated on the basis of bear­
ing capacity theory (Bjerrum and Eide, 1956).
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CHAPTER 5 
STRESS-STRAIN MODEL FOR LONDON CLAY
5.1 Introduction
Rational prediction of the deformational behaviour of a loaded soil 
mass requires an analytical model for the stress-strain relationship of the 
soil, over the stress range of interest. A useful model is usually based on 
a suitable qualitative material model, into which appropriate parameter values 
are input, in order to produce quantitatively accurate results. Difficulties 
associated with obtaining undisturbed soil samples in the field, and with 
their subsequent testing in the laboratory under conditions different from 
those existing in situ, may lessen the usefulness of laboratory testing in 
defining completely a useful model. Laboratory testing should in general 
indicate qualitatively the kind of the behaviour to be expected in situ.
Field testing provides an alternative, but requires the interpretation of a 
more complex testing situation. Despite the difficulties associated with its 
definition, in the end the test of any stress-strain model lies in its ability 
to predict, with acceptable accuracy, the stresses and strains in a particular 
problem.
Various models for soil behaviour, from simple elastic right through 
to complex elasto-visco-plastic (Zienkiewicz and Humpheson, 1977) have been 
put forward. An elasto-plastic stress-strain model for London Clay has been 
recently presented and used to analyse some field problems (Simpson et al., 
1979). There is however a good deal of evidence that London Clay deforms 
elastically up to about 1% strain (Som, 1968; Atkinson, 1975). Triaxial tests 
on undisturbed samples of London Clay have shown that the soil exhibits 
anisotropic behaviour, the horizontal stiffness being significantly greater 
than the vertical stiffness (Ward et al., 1965; Henkel, 1971; Gibson, 1974; 
Atkinson, 1975). Interpretation of laboratory tests on London Clay in terms 
of elasticity suggests that the soil stiffness is strongly stress-dependent, 
and that the stiffness moduli may be assumed to vary linearly with depth in 
the field (Wroth, 1971), In the present study, the stress-strain behaviour 
of London Clay, in and around wall supported excavations, is modelled in
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terms of cross-anisotropic linear elasticity.
In this chapter, a brief summary of the geology of London Clay, and its 
implications on geotechnical behaviour, is followed by an introduction to 
cross-anisotropic linear elasticity. The implications of incompressibility, 
which is relevant to an undrained loading situation, are considered. The 
relationship between undrained and drained elastic soil parameters, and their 
laboratory determination, is discussed. In the light of past testing and 
analysis, suitable values of the elastic parameters are suggested for modell­
ing the stress-strain behaviour of London Clay.
3.2 Engineering geology of London Clay
The London Clay was deposited under marine conditions, during the Eocene 
period, over 20 million years ago. It is estimated that the original thickness 
was about 165 m, in what is now Central London (Butler, 1972). It is under­
lain by the Woolwich and Reading Beds, and was once overlain by the Claygate, 
Bagshot, Bracklesham and Barton Beds. A general description of the geology 
of the London Basin may be found in Butler (1972). The overlying deposits, 
and in places much of the London Clay itself, have been removed due to erosion. 
Estimates of the depth of overburden removed range from 160 m at Bradwell,
50 miles north-east of London (Skempton, 1961) to 400 m at Ashford Common 
(Bishop et al., 1965). Skempton and Henkel (1957) have suggested a figure 
of 160-220 m for Central London. The London Clay is now usually overlain 
by the flood plain gravels of the River Thames. The clay is brown near the 
surface, becoming grey at shallow depth. Although a very uniform deposit by 
geological standards, fissuring is a feature that extends throughout the depth 
of the clay, being more pronounced at the surface. This is probably caused 
by post-depositional tectonic movements or stress release due to erosion. 
Occasional silty layers occur throughout the clay, giving rise to fluctuations 
in permeability. An engineering geological study of the London Clay (Burnett 
and Fookes, 1974) suggests that the total lateral variation, across the London 
Basin, of the engineering properties of the clay is of the same order of 
magnitude as the vertical variation. Hence, on any London Clay site the great­
est changes in engineering properties should be expected vertically, except 
where the site is cut by a geological fault.
While briefly discussing the geology of London Clay, it is worthwhile
27
to consider some of the geotechnical implications of its geological history.
The deposition of sediment is represented in Fig. 3.1 as an increase in 
vertical effective stress on an element of clay. This process of normal con­
solidation is associated with a reduction in water content and an increase in 
shear strength. It is represented typically by point B and ultimately by 
point C in Fig. 3.1. Erosion of the overburden causes a reduction in vertical 
effective stress and an increase in water content. The increase in water 
content is much less than the corresponding decrease during normal consolidation. 
At point D, the vertical effective stress is the same, but the water content 
is significantly less than at B. The clay particles are therefore more closely 
packed at D, and the overconsolidated clay at D has a greater shear strength 
than the normally consolidated clay at B, for the same vertical effective 
stress.
Similarly, during the overconsolidation phase from C to D, the horizontal 
effective stresses are not reversed to the same extent as they were built up 
during deposition. The ratio of horizontal to vertical effective stress in 
situ, Kq, increases during overconsolidation. For a normally consolidated 
slurry of London Clay, Kq is normally taken to be about 0.7 (Bishop et al.,
1965). Some values of Ko, which have been suggested for in situ heavily over- 
consolidated London Clay, are plotted in Fig. 3.2 (Skempton, 1961; Bishop et 
al., 1965; Windle and Wroth, 1977),
Although the ground water table generally lies at or close to the surface 
in London Clay, the pore pressure distribution is not necessarily hydrostatic 
throughout the clay. The continuous pumping of water from the chalk in the 
London Basin has led to underdrainage of the London Clay and Woolwich and 
Reading Beds. Pore pressure measurements in the London Clay and Woolwich and 
Reading Beds, taken at a number of sites in the London region, are plotted on 
Fig. 3.3, which is reproduced from St. John (1975). In the upper regions of 
the clay, the distribution is generally close to hydrostatic. In the Woolwich 
and Reading Beds, there is a definite trend towards decreasing pore water 
pressure. This decrease in pore water pressure, due to underdrainage, has 
led to a progressive continuing settlement of the Central London area (Wilson 
and Grace, 1942).
28
5.3 Cross-anisotropic linear elasticity
The assumption of linear elasticity implies that an increase in strain 
(displacement) is directly proportional to an increase in applied stress (load), 
and completely recoverable upon stress (load) removal. The theory of elasticity 
has been extensively treated in the literature (Love, 1927;Hearmon, 1961; 
Lekhnitskii, 1963) and will not be considered here in any detail. The familiar 
isotropic linear elastic continuum, in which the elastic properties are identical 
in all directions, is merely a special simple case of general anisotropic 
elasticity. The isotropic elastic material is completely defined by two 
independent elastic constants, which may be chosen to be Young’s modulus, E, 
and Poisson's ratio, v. At the other extreme, the most general case of 
anisotropic elasticity is associated with 21 independent elastic constants.
A material possessing three mutually perpendicular planes of elastic symmetry 
through every point is said to be orthogonal-anisotropic, or sinply orthotropic, 
and is completely defined by nine independent elastic constants. The directions 
normal to the planes of elastic symmetry are known as the principal directions 
of elasticity, and are the reference directions for the definition of the 
elastic constants. The number of independent elastic constants reduces to 
five, if the elastic body possesses a plane of isotropy, i.e., at every point, 
a plane in which the elastic properties are identical in all directions. For 
this transversely-isotropic or cross-anisotropic material, a direction normal 
to the plane of isotropy and all directions in this plane are principal direc­
tions of elasticity. To allow for the layering occurring in many natural soil 
deposits, it has been suggested that cross-anisotropic elasticity represents 
an improvement on isotropic elasticity, as a stress-strain model for in situ 
soil (Barden, 1963; Pickering, 1970). The important case of cross-anisotropic 
linear elasticity will now be considered in more detail.
In the absence of significant tectonic effects, it is reasonable to 
assume that the plane of isotropy is horizontal for a natural soil, deposited 
by sedimentation. A certain amount of flexibility in the choice of elastic 
constants for a cross-anisotropic elastic material has led to a considerable 
variation in both the notation and actual constants used in the literature.
The elastic constants are chosen to be those used by Rodrigues (1975), who 
adopted the notation of Gibson (1974). The five independent elastic constants 
are defined as follows:
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JH
VH
H H
VH
Horizontal Young's modulus;
Shear modulus in a vertical plane;
Poissons's ratio, characterising the ratio of decrease in strain in a 
horizontal direction to increase in strain in a perpendicular horizontal 
direction, caused by an applied stress in the second direction;
Poisson's ratio, characterising the ratio of decrease in strain in a 
horizontal direction to increase in strain in a vertical direction, caused 
by an applied stress in the vertical direction.
Vertical Young's modulus;
The shear modulus in the horizontal plane of isotropy is given by
Grh = / (2(1 + As the three independent moduli, E^ , ER and
G , are usually assumed to be in constant proportion, it is convenient to 
define two of them, ER and G^, in terms of E^ , as follows:
ra = GVH 7 Ev n (3.1)
For the general case of three-dimensional stress and strain, taking the 
x-y plane as horizontal and the z-axis as the vertical axis of elastic symmetry 
(see Fig. 3.4), the six components of strain may be expressed, using matrix 
notation, in terms of the six components of stress as
f
£X
e h
- VHH
e h
- VVH
Ev
0 0 0 0X
£y - VHH
e h
1 _
e h
- VVH
Ev
0 0 0 ay
£Z
\ -
- VVH
Ev
- VVH 
E
V
1
Ev
0 0 0 crz
Yxy 0 0 0 ghh
0 0 \ T xy
Yyz
0 0 0 0
GVH
0 T yz
Yzx
0 0 0 0 0
gvh
T ZX
k.
(3.2)
or simply,
(e) = [C3]{a) (3 .2a)
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The elastic compliance matrix, [C ] , may be inverted to give the elastic 
rigidity matrix, [D ], enabling the stresses, {a}, to be expressed in terms 
of strains, (e), by
{ 0 } = [D3 ]{c > (3.3)
where, putting
a = 1 + vHH
and = 1 - nv' VH (3.4)
the elastic rigidity matrix is
[°3] = a(23-a)
n3 n(a-3) navvn 0 0 0
n(a-B) nB navvH 0
navvH navyH l-v^ 0
0 j ( 2 3 “0) 0 0
0 0 ma(23-a) 0
0 0 0 m a(2B-a)
(3.5)
The independent elastic constants cannot take on arbitrary values. 
Thermodynamic considerations require that the strain energy of a loaded elastic 
material be always positive. For an isotropic elastic material Young’s modulus, 
E, shear modulus, G = E / 2(1 + v), and bulk modulus, K - E / 3(1 - 2v), must 
be positive. These conditions are satisfied if E > 0 and -1 < v < 0.5,
For a cross-anisotropic linear elastic material, the strain energy
T Tdensity, £{0 } {efe may be expressed as the quadratic form, 5(0 ) using
equation (3.2a). This quadratic form, and hence the strain energy density,
will be positive provided that the matrix [C ] is positive definite. This is
true if and only if all the principal minors of [C^ ] are positive (Korn and
Korn, 1968). Pickering (1970) has used this rigorous approach to determine
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the restrictions placed on the values of the five independent cross-anisotropic 
elastic constants. His conclusions may be summarised as
EV’ EH5 GVH > ° 7 1 < VHH < 1 2nv2VH (3.6)
The stress-strain behaviour of a cross-anisotropic material differs in 
some fundamental ways from that of an isotropic material. An element of 
isotropic material neither distorts under hydrostatic pressure nor dilates 
during pure shear. An element of cross-anisotropic material generally distorts 
under hydrostatic pressure, as its stiffness is direction dependent. Although 
normal and shear stresses and strains are uncoupled along the principal direc­
tions of elasticity, for a cross-anisotropic material, pure shear on a plane
inclined to these axes generally causes a volumetric as well as a distortional
fistrain. To consider this situation, an elastic compliance matrix, [C ], is
0 0 established to relate strains, {e }, to stresses, {a }, acting on an element,
which is inclined at angle 0 to the horizontal plane, as shown in Fig. 3.4.
It is shown in Appendix A that
[Cj] = [T£][C3][Te]T (3.7)
where [T 1 relates the strains asL
{e0} = [T£]{e} (3.8)
QThe volumetric strain, AV / V, due to a pure shear, t , isxz
6
AV = Txz { n(l-vVH) - (1-^ Hpj) } sin 20 (3.9)
V eh
The volume change is a maximum at 0 = it / 4.
To date, the discussion has been centred on a three-dimensional stress- 
strain situation. In practice, if the applied loading and geometry of a 
problem are constant for a considerable length in one direction, it is convenient 
to assume that a condition of plane strain exists (Lekhnitskii, 1963). In 
this situation, if the long direction is taken along the y-axis, three components 
of strain vanish.
e = y = y = 0  (3.10)y xy yz . v '
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The normal stress in the y-direction is given, using (3.2), by
a = v.TTTa + nv,rra y HH x VH z (3.11)
This stress contributes to the normal strains in the x-z plane. Due to the 
fact that the strains outside the x-z plane are zero, only the stresses and 
strains in this plane contribute to the strain energy, and the problem becomes 
two-dimensional. In the_x-z plane, strains are related to stresses as
■
xz
1  -  V ,HH
H
v v h ^1 + v h h ^
'V
v v h ( 1+nW
Ev
1 ■ nv2VH
y
o
VH xz
(3.12)
or simply
= [C]{a} (3.12a)
The matrix [C] may be inverted to give [D], where
[D] = y
a(23-a)
n3 nvvHa 0
nVVHa 1 - v2HH
0 ma(23-a)
(3.13)
and
{0} = [D]{e} (3.14)
This assumption of plane strain will be later adopted, to considerably reduce 
the analytical effort, when examining the behaviour of a long excavation 
supported by an anchored diaphragm wall. For both the three-dimensional and 
plane strain situations, the matrices relevant to an isotropic material may be 
found by letting ER = Ey = E, = v, and = GHH = E/2(l+v).
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An incompressible material deforms under load without changing volume. 
Saturated clay is often assumed to deform incompressibly, immediately after 
loading, due to its low permeability and the relative rigidity of the soil 
particles and pore water. Volume change is mainly associated with flow of 
water into or out of the pores, and this is delayed due to the low permeability 
of the clay. The special case of an incompressible cross-anisotropic linear 
elastic material is therefore worthy of further consideration. The elastic 
behaviour of an incompressible material has been considered in some detail by 
Gibson (1974).
3.4 Incompressibility
For small strains the volumetric strain is related to the applied stresses
by
Incompressibility requires that this expression is zero for arbitrary stresses, 
a , a and a . This leads to the conditionsa  Y Z
VHH = 1 “ °*5n
The number of independent elastic constants is therefore reduced to three for 
an incompressible cross-anisotropic material. The values of the independent 
constants E y ,  E R , G y ^  are still restricted by the conditions in (3.6), which 
now take the form
AV 
V
(3.15)
v. 0.5
(3.16)
0 < n < 4 (3.17)
Gibson (1974) arrived at these conditions by directly considering the strain 
energy density of an incompressible cross-anisotropic material.
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The restrictions (3.16) placed on the Poisson's ratios by incompressi­
bility cause the elastic compliance matrix to become positive semi-definite 
and singular. The term, 23-a (=l-vHH~2nv2VH), in the elastic rigidity 
matrix becomes zero, and consequently some of the elements of the matrix 
become infinite. The finite element displacement method, which requires a 
finite elastic rigidity matrix, cannot therefore be used to analyse the deforma 
tion behaviour of an incompressible elastic material. An approximate analysis 
can however be carried out by assuming the material to be almost incompressible 
although numerical problems may arise if incompressibility is too closely 
approached.
The stress-strain behaviour of an incompressible cross-anisotropic linear 
elastic material is completely defined by E , m and n; for isotropy m =1/3, 
n = 1, and a single parameter, Young's modulus, E, is required. It is interest 
ing to assess the effect of cross-anisotropy on the pattern of deformation in 
an incompressible material. Consider a prism of square section in a state of
plane strain, acted on by the stress system a ri a , t r , as shown in Fig. 3.5.X z xz
As before the plane of elastic isotropy is the x-y plane. A cross-anisotropic 
and an isotropic material are considered where E^ = E. For an inconpressible 
material the elastic conpliance matrices are [C]^ and [C]j, respectively, 
where
TCI =1 JCA 4E -1
-1
0 0
m(4-n)
(3.18)
and
[ C J
3_
4E -1
-1
0 (3.19)
If t =0, then a , a are principal stresses and, due to inconpressibility, xz x z
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e + e = 0 ,  i.e., e = - £ _ = £ .  Cross-anisotropic strains differ from x L x z,
isotropic strains only by a constant factor
CA 4 - n 
3
(3.20)
£I
If a = o = 0 ,  then the respective shear strains are in the ratio
X  z.
3m (3.21)
If all three stresses are non-zero, a constant factor between cross-anisotropic 
and isotropic strains exists only if
To summarise: provided m and n are both greater or smaller than isotropic 
values, the general magnitude of strains, for any given stress system, will 
be affected by cross-anisotropy. The general pattern of strain depends on 
both the values of m and n, and the applied stresses.
3.5 Drained and undrained elastic soil parameters
Saturated soil is essentially a two-phase material, in which water occu­
pies the voids within a skeletal structure of solid soil particles. If the 
pore water in an element of soil is permitted to drain to a constant pressure 
(e.g., the local ground water pressure), the application of an external load 
to the element will not, in the long-term, cause any change in the pore water 
pressure. The load is, in this case, borne entirely by the soil skeleton and 
a drained loading situation is said to exist. Drainage of the pore water may 
be delayed in the field, if the soil has a low permeability, or may be physical­
ly prevented in an undrained laboratory test. An undrained loading situation 
then exists, where the soil skeleton and the pore water act together, in a 
macroscopic sense, to resist deformation due to the applied load. An excess 
pore water pressure is usually generated by undrained loading. The total
4 - n
3 L_3m
1 (3.22)or m 4 - n
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stresses, {a}, acting on an element of soil may be divided into the effective
stresses, (a'}, acting on the soil skeleton and the pore water pressure,
{u}, i.e.,
{a} = { o ' }  + {u} (3.23)
where
{u}T = {u, u, u, 0, 0, 0} (3.24)
For drained loading, the change in total stress equals the change in effec­
tive stress, and strains may be calculated if the deformation parameters of 
the soil skeleton are known. For a cross-anisotropic linear elastic soil skel­
eton, these drained (or effective stress) parameters are v' , v,' E.l, E.l, G'
r l n  V H  V H  V ri
where the prime indicates a drained parameter. For undrained loading, strains 
may be computed either from the total stresses and the undrained parameters, 
or, provided the excess pore pressures are known, from the effective stresses 
and the drained parameters.
The undrained parameters must be related to the drained parameters and 
the bulk modulus of the pore water. For a cross-anisotropic soil, the degree
of anisotropy should be greater for the drained rather than the undrained sit­
uation, due to the isotropy of the pore water. This has been observed by 
Atkinson (1975) in laboratory triaxial tests on undisturbed samples of London 
Clay. Bishop and Hight (1977) have explored the relationships between undrained 
and drained parameters, assuming the soil particles and pore water to have 
finite compressibility. Considerable simplification results if both the soil 
particles and the pore water are assumed to be incompressible, as the undrained 
behaviour is then incompressible. This is a reasonable assumption for fully 
saturated soils, where the soil skeleton is far more compressible than either 
the soil particles or the pore fluid. Uriel and Canizo (1971) have presented 
equations, in which the undrained parameters are expressed as functions of the 
drained parameters, which are fundamental to the soil skeleton. For complete­
ness, these relationships are derived herein.
It has already been shown that incompressibility reduces the number of 
elastic parameters from five to three, using equation (3.15). This equation 
may be written in terms of effective stress as
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%  - 0 = Cl-vAH-n'VyH^'+ft + C'-^’v h K  (3.25)
eh ev
By replacing the effective stresses in (3.25) by the difference between the 
total stresses and excess pore water pressure, it is found that
u = (1-Vm - n 'v' v H r i y y  * n ’ t1-2vVH->gz (3.26)
2 + n ' - 2vhh • 4n’vm
The excess pore water pressure generated by undrained loading is a function 
of the applied total stresses and the drained elastic parameters. For an 
isotropic soil skeleton, (3.26) reduces to
„ = + + y  ' (3.27)
i.e., the change in pore pressure is equal to the change in mean total stress, 
imp lying that there is no change in mean effective stress. For a cross-aniso- 
tropic soil skeleton, the mean effective stress may change without causing a 
change in volume. Uriel and Canizo (1971) have presented a neater form of 
(3.26) by introducing the parameter
r' = 1 " VHH ' n 'v'vH (3.28)
" 'Cl  - 2 f t )
defined as the compressibility ratio under uniaxial stress in the principal 
directions. Equation (3.26) then takes the form
a + r' (a +a )u = z v x y J (3.29)
1 + 2r»
The normal strain in one of the principal directions may be expressed in 
terms of the total stresses and undrained parameters, or effective stresses and 
drained parameters. Consider, for example, the normal strain in the x-direction, 
e .
ex = fx - (l-0.5n)^y - 0.5^z_ (3.30a)
eh E„ E,H V
Using (3.23) and (3.26), the expression (3.30b) may be expressed in terms of 
total stresses and drained parameters. The strain, e , given by both express­
ions, must be the same for arbitrary a,, a , a . Equating the coefficients ofx y z
a i n  (3.30a) and the total stress version of (3.30b) leads to the relation­
ship
F 2 + n1 - 2vf - 4-n1 \)'
JL = HH 4n V VH (3.31)
Ey 2(1 - - 2n'v^)
A similar expression may be obtained for ER / E^  by equating the coefficients
of a . Combining these two relationships yields an expression for n(= Eu / E,,) x H V
in terms of n 1, v’ and v* .rin Vri
» ■  2n'(1 - - 2,'v-g) (3 32)
(2 + n ' - 2Vj||n - 4n'v^) - (1 - v^H - n'v^)2
As the pore water is unable to transmit any shear stress, the drained and un­
drained shear moduli are equal.
GVH = GVH (3.33)
or
“ = (3.34)
EV
The undrained Poisson's ratios have already been defined in (3.16). Equations 
similar to the above, presented using slightly different notation, may be found 
in Uriel and Canizo (1971).
To summarise: if the drained parameters are known, and the undrained 
behaviour is incompressible, then the undrained total stress parameters may be
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found, using equations (3.31) to (3.34). Provided the response to loading can 
be reasonably accurately determined using undrained total stress analysis, the 
excess pore pressures, and hence the effective stresses, may be computed.
3.6 Laboratory determination of cross-anisotropic elastic parameters for soil
Although it is often difficult to relate the results of laboratory tests 
directly to field problems in geotechnical engineering, simple laboratory tests 
provide an excellent basis for investigating fundamental soil behaviour. It 
is generally believed that heavily overconsolidated clays, such as London Clay, 
behave essentially in a linearly elastic manner, for small changes of stress 
(Wroth, 1971). Laboratory tests on such soils may therefore be interpreted 
in terms of linear elasticity, at least in the initial loading stages. The 
results of laboratory tests on London Clay have been interpreted using elasticity 
theory by Wroth (1971) and Henkel (1971). As a result of a comprehensive set 
of experiments on undisturbed samples of London Clay, in which triaxial and 
plane strain tests were carried out, Atkinson (1975) suggested that the small 
strain behaviour of the clay could be satisfactorily interpreted through the 
theory of elasticity, provided anisotropy was included in the model. Earlier, 
Atkinson (1973a) had observed that elastic behaviour in soils is associated 
with linear strain paths in drained tests and linear effective stress paths in 
undrained tests.
Much useful information on the deformation parameters of a cross-aniso­
tropic elastic soil may be obtained by measuring effective stress paths in 
undrained laboratory tests. Henkel (1971) has interpreted the stress paths, 
in triaxial and plane strain undrained tests on London Clay, in terms of cross- 
anisotropic elasticity. His interpretation lacked generality as he assumed the 
horizontal Poisson's ratio, to be a function of n 1 and The experi­
mental work of Atkinson (1975) does not support Henkel's assumed value for v' .HH
A revised general interpretation is therefore desirable.
Three types of undrained test are considered (see Fig. 3.6):
1. Triaxial tests on vertical specimens; stress path MTV.
2. Triaxial tests on horizontal specimens; stress path Mj, .
3. Plane strain tests on vertical specimens; stress path Mp^ .
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In the following, cr^ refers to an increment of vertical effective stress, and 
to an increment of horizontal effective stress, in the laboratory test, 
regardless of specimen orientation. The effective stress path in all three 
cases is defined as
M = f v  (3.35)
and may be found by inserting the appropriate stresses into equation (3.25). 
TestJ_ 0- = a- , 0  ^= 0^ = 0^
•'Vv = —  = ' 2(1 " V»H ' ’ (3.36)
ctH n’(1 - 2v' W
Test 2 a' = a , a1 = a ’ = a '  x V y z H
1 + n * - v * - 3n * \> *
m = _ 1 n HH An VH (3.37)
1 - v 1 - n 1 v 1HH 11 vVH
A = a H ’ a 'z = 0V • ey = 0 ••• /  = VHH°H + n 'vVH°V
from (3.11)
Mpv = ~ U  * vHH)(:i ~ VHH ~ (3.38)
n '(1 " VVH " VHHVVH “ n'vVH^
From (3.36) and (3.37) it may be deduced that the effective stress paths, 
and MpR, are related by
%  = 2 I (3.39)
“iV
As these stress paths are not independent of each other, only one of them is 
directly useful; the second one may be used as a check on measurement. For 
plane strain tests MpR is simply the inverse of Mpy. The Poisson's ratios, 
and may be expressed in terms of n 1, and Mpy, using (3.36) and
(3.38).
v. = Mpv(2 - 0.5n'M2v) . j
^  Mrv(1 + "“tv - * W
(3.40)
v' = 2Mrv " 2Mpv + °-5n,MTv
n'MpvC1 + - Mpv)
(3.41)
If these expressions for and are inserted into (3.32), the ratio of 
undrained horizontal to vertical stiffness takes the form
In an undrained triaxial test on a vertical sample, Ev may be obtained 
from the slope of the axial stress-strain curve. The undrained stiffness ratio, 
n, and hence ER, may be found using (3.42) if and Mpv are known. If, in 
addition, the drained stiffness ratio, n ’, is known, the drained parameters,
VHH’ VVH’ EV’ may be comPuted from (3-40), (3.41) and (3.43), respectively.
To measure n 1 directly requires drained triaxial tests on vertical and hori­
zontal samples. An alternative procedure is theoretically possible. Wroth 
(1971) analysed the results of triaxial tests by Webb (1966) on undisturbed 
samples of London Clay, and concluded that the values of elastic moduli are 
dominated by the value of the mean principal effective stress. An undrained 
triaxial test should therefore be preceded by a consolidation stage under the 
mean principal effective in situ stress, in order that realistic moduli values 
can be obtained. If the consolidation stress is applied in two increments, a 
large proportion being applied in the first increment, then a bulk modulus may
be calculated during the second increment of consolidation stress. If a1 iscon
the second stress increment and the corresponding volume change, this bulk 
modulus, K*, may be expressed, using (3.2) as
n
Mpv(1 "
(3.42)
Similarly, (3.31) may be rewritten as
n«MTV(l - Mjy)(1 + Mtv - MpV) 
(Mpy " Mpy)(n ’Mpy ~ ^
(3.43)
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K' = _____ (Mpy-Mjy) (n'.M^ v-4)Ev_____________________  (3.45)
(l-Hrv)2{4(Mpv-Krv) + n'MjyCl-Mpy)}
Provided K', Ey, Mp , Mj.y are known, n' may be found,
n' = _____ 4(Mpy~MTv^Ey + (1-mtv)2k!>_________________ (3.46)
N1Tv'tMTv^Mpv"^ T^V^ Ev “ Cl-Mpy) (l“Hj,v) 2K* }
It has been shown that, on the basis of consolidated-undrained triaxial 
and plane strain tests on vertical samples, it is' theoretically possible to 
compute all the undrained and drained deformation parameters, with the exception 
of the shear moduli Gy^ and G^, for an elastic cross-anisotropic soil. As
GVH = GVH tIle sEear modulus may also be obtained using a consolidated-undrained
triaxial test. Gibson (1974) has suggested that Gy^ may be found from an un­
drained triaxial test on a sample, whose material axis of symmetry is inclined 
to the vertical axis of the triaxial apparatus. For a sample with its axis in­
clined at an angle 0 to the horizontal, Gibson (1974) has presented an equation
relating the modulus E from the test to the principal moduli.
Using (3.40), (3.41) and (3.43) this may be written as
i =--(7^ --i ) sin20 cos20 + ~ sin1*© + —■ cos1*© (3.47)
0 VH V V H
A derivation of this equation may be found in Appendix A. The shear modulus
Gy^  may be computed using (3.47) if EQ, Ey and E^  are known. An angle of
0 = 45° has been suggested by Gibson (1974); at this angle E / E., is very
0 V
sensitive to changes in Gy^ (see Fig. 3.7).
To summarise: the deformation parameters of an elastic cross-anisotropic 
soil may be theoretically obtained from three types of consolidated-undrained 
laboratory test, two triaxial tests and one plane strain test. Additional tests 
may be used as a check on these three tests, especially as a check on the
measurement of pore water pressure.
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A considerable amount of laboratory testing has been carried out over 
the years on undisturbed samples of London Clay, obtained from various depths 
at numerous locations throughout the London Basin. In his Rankine Lecture,
Gibson (1974) examined undrained vertical and horizontal modulus values, ob­
tained by Ward et al. (1959) on samples from eight sites in the London area. 
Significant anisotropy was found for all eight sites, the average value of n 
being 1.65. Gibson (1974) also summarised the results of Ward et al. (1965), 
who performed undrained triaxial tests on undisturbed samples of London Clay, 
taken from blocks obtained from six depths at Ashford Common. Tests were per­
formed on vertical, horizontal and inclined samples. Average values of in = 0.38 
and n = 1.84 were deduced (Gibson, 1974). Henkel (1971) has suggested a value 
of n = 1.4, while a value of n = 1.2 may be inferred from test results of 
Atkinson (1975). It is likely that laboratory testing underestimates the degree 
of anisotropy in London Clay, due to the inevitable disturbance of the so-called 
undisturbed samples and the isotropic consolidation stage prior to undrained 
loading in the test. The degree of anisotropy, m = 0.38 and n = 1.84, suggested 
by Gibson (1974) is taken as being appropriate for analytical purposes. The 
actual stiffness values obtained in the laboratory are generally believed to 
be much lower than the in situ values, and, as a result, may be of limited 
use for the prediction of ground movements.
Effective stress paths have been measured in undrained triaxial and plane 
strain tests on undisturbed samples of London Clay. The values used by Henkel 
(1971) have been added to the data assembled by Atkinson (1975), to construct 
Table 3.1. The stress paths and RpR in this table do not satisfy (3.39).
This could be due to error in the measurement of pore water pressure. Naylor
(1974) analysed, using finite elements, an undrained triaxial test on a normally 
consolidated clay. No slip was assumed between the clay and the rigid end 
platens. The computed excess pore pressure near the end platens was up to 55% 
greater than the nominal excess pore pressure at the centre of the sample.
This analysis suggests that pore pressures in the triaxial test may be over­
estimated due to end effects, as measurements are usually made near the ends 
of the sample. An analysis, in terms of the effective stress paths M^y and 
Rppj, of the possible error in pore water pressure measurement, for a cross- 
anisotropic linear elastic soil, may be found in Appendix B. This analysis 
suggests that pore water pressures may have been overestimated by 5% (Webb, 1966) 
to 8% (Atkinson, 1973b), leading to errors in the effective stress paths.
3.7 Elastic parameters for London Clay
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Henkel (1971) has suggested a value of 1.6 for the drained parameter n', 
whereas tests by Atkinson (1975) indicate a value of 2. By measuring strain 
paths in drained triaxial tests on vertical and horizontal samples, Atkinson
(1975) obtained values of = 0 and = 0.19. Wroth (1971) deduced a val­
ue of = 0.12 from triaxial test data in a thesis by Webb (1966).
In order to compare the results of drained and undrained analyses it is 
important that the drained and undrained elastic parameters be compatible, 
according to equations (3.31) to (3.34). Values for the undrained parameters 
of m = 0.38 and n = 1.8 are assumed to be acceptable. By assigning values to 
n* and vVH it is possible to calculate v^, E^ / Ey, m1, Mry and Mpy, using 
equations (3.32), (3.31), (3.34), (3.36) and (3.38), respectively. Some values 
are tabulated in Table 3.2. Choosing n ’ = 2 and = 0.2, a value of -0.11 
f°r v^H is computed using (3.32). The stress paths and Mpy are theoretic­
ally -1.19 and -0.43, respectively. These stress paths are in reasonable 
agreement with experimental stress paths, bearing in mind the possible errors 
in pore water pressure measurements. The stress paths associated with n* = 2.5 
(see Table 3.2) are significantly different from those observed in laboratory 
tests on London Clay.
For analytical purposes the following deformation parameters are chosen 
to be appropriate for the behaviour of London Clay:
undrained analysis n = 1.8 , m = 0 . 38  , v,n, = 0 . 5
■ - 1 -  t“t V ri
V,HH 0.1 E.'V
drained analysis n' = 2 m' = 0.52 VH 0.2
HH -0.1
The distribution of Ey with depth remains to be determined by back analysis 
of an excavation supported by an anchored diaphragm wall.
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Location Reference Loading Hrv ^ H
High Ongar Som (1968) Compression
Extension
-1.07 
-1.24
Swiss Cottage Atkinson (1975) Conpression
Extension
-0.9
-0.9
-0.65 -1.5
Barbican Atkinson (1975) Compression
Extension
-1.0
-1.0
-0.65 -2.25
Barbican Atkinson (1973b) Compression -1.0 -2.45 -0.48 -1.9
Ashford Common Webb (1966) Compression -0.7 -3.3
Henkel (1971) Conpression -1.0 -2.86 -0.6
Table 5.1 Undrained stress paths from laboratory tests on undisturbed London Clay
n = 1.8, m = 0.38
n' v1 VH VHH m' Ev/Ev ^TV Mpy
2.0 0,1 -0.21 0.59 0.65 -1.26 -0.44
2.0 0.2 -0.11 0.52 0.73 -1.19 -0.43
2.0 0.3 (NiOo1 0.47 0.80 -1.04 -0.39
2.5 0.2 -0.02 0.59 0.64 -0.69 -0.29
Table 5.2 Effective stress elastic parameters calculated 
from elastic theory
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Deposition
A
Erosion
Figure 3.1 Normally and overconsolidated clay
Depth
(m)
Figure 3.2 Variation of Kq with depth for London Clay
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metres of water
Depth
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35
40
45
1 Britannic House
2 Barbican
3 New Palace Yard
4 Neasden
5 Reading
6 South Bank
7 British Museum
j\r denotes junction between 
. London Clay and W § R beds
Figure 3.3 Measurements of water pressure in the London region (St. John, 1975).
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Figure 3.4 Cartesian stresses on an element of cross-anisotropic elastic 
material.
xz
e  =  Y  =  y  = 0y xy yz
y
Figure 3.5 Element of cross-anisotropic elastic material under a plane strain 
stress system.
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(a) Triaxial test on vertical specimen
(b) Triaxial test on horizontal specimen
f
(c) Plane strain test on vertical specimen
Figure 3.6 Undrained laboratory tests on samples of cross-anisotropic elastic
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Figure 5.7 Variation of undrained Young's modulus with inclination of speci­
men (Gibson, 1974).
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FINITE ELEMENT ANALYSIS OF ANCHORED DIAPHRAGM WALLS
4.1 Introduction
The finite element method of analysis has developed rapidly over the 
past two decades, and is now widely used to provide solutions to engineering 
problems. The basic mechanics of the method are well established, having 
been extensively treated in the literature. Present growth mainly involves 
broader applications of the method to practical problems and refinement of the 
basic techniques. The widespread use of finite element analysis is clearly 
demonstrated by the diverse range of problems, to which Zienkiewicz (1977) 
refers, in his standard textbook on the subject. In recent years, numerical 
analysis has played an increasing role as a research tool in studying geotech- 
nical engineering problems (Desai and Christian, 1977; Gudehus, 1977). In 
this context, finite element analysis has made a significant contribution to­
wards understanding complex behaviour. Kalteziotis (1979) has undertaken a 
comprehensive review of geotechnical applications of the method. In the pres­
ent work, finite elements are used to analyse the deformations associated 
with excavations supported by anchored diaphragm walls.
The program is based on the finite element displacement method, normally 
encountered in structural and continuum mechanics (Zienkiewicz, 1977). As 
the formulation follows standard lines, only a general description of the basic 
program is given. Those features of the program specifically associated with 
the analysis of an anchored diaphragm wall are considered in some detail. An 
interface element, which allows sliding to occur on the soil/wall interface, 
is described. The analytical simulation of a sequential excavation procedure, 
involving alternate stages of mass excavation and installation of prestressed 
anchored tiebacks, is discussed. Methods of computing the structural forces 
on the wall, the soil pressure on the back of the wall, and the excess pore 
pressures due to undrained loading are outlined. For a soil of low permeability, 
where the local ground water table is at or near the ground surface, excavation 
gives rise to long-term steady-state seepage into the excavation. A description 
is given of the utilisation of the finite element program to estimate the long­
term changes in pore pressure within the soil, due to this steady-state seepage
CHAPTER 4
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The finite element displacement method is described in detail by Zienkiewicz 
(1977) . The continuum to be analysed is divided into a number of finite ele­
ments, which are interconnected at a discrete number of nodal points situated 
on their boundaries (see Fig. 4.1). The displacements of these nodal points 
are the basic unknown parameters of the finite element problem. Suitably 
chosen displacement functions define uniquely the state of displacement, within 
each finite element, in terms of its nodal displacements. The displacement 
functions in turn define uniquely the state of strain, within an element, in 
terms of the nodal displacements. The state of stress within an element may 
be defined in terms of the strains and the constitutive properties of the 
element material. Any external loading is reduced to a statically equivalent 
set of applied nodal forces. By invoking the principle of virtual displace­
ment or the principle of minimum potential energy, a static loading problem 
is reduced to the solution of a set of simultaneous equations
[K]fa} = {£} (4.1)
where {a} = vector of all unknown nodal displacements;
{f} = vector of statically equivalent applied nodal loads, acting on
the nodes in {a};
[K] = stiffness matrix of the finite element model of the continuum.
For a stable loading situation the matrix [K] is symmetric positive definite.
If the material behaviour is linear elastic, then [K] is independent of {a} 
and {£}, and (4.1) becomes a set of simultaneous linear equations, which may 
be solved efficiently using standard techniques.
The computer program, developed during the course of the present work,
is suitable for solving two-dimensional problems, such as plane stress, plane 
strain or axisymmetric loading conditions. It has been shown, using analytical 
and model studies, that a diaphragm wall, anchored at discrete horizontal inter­
vals, may be accurately modelled using an assumption of plane strain and an 
equivalent line anchor (Clough and Tsui, 1974). The application of the pro­
gram is therefore restricted to problems of plane strain, and detailed descrip­
tion of the program will be confined to this type of deformation behaviour.
condition.
4.2 General description of the finite element computer program
The continuum finite element used is the linear strain triangular ele­
ment, possessing three comer nodes and three mid-side nodes (see Fig. 4.2). 
This element has been considered in some detail by Rodrigues (1975). Each 
node possesses two degrees of freedom, the horizontal (u) and vertical (v) 
displacements. The displacement function is a complete quadratic polynomial, 
expressed in terms of the area co-ordinates of the element (Zienkiewicz, 1977). 
The meaning of area co-ordinates L^ , L , is explained in Fig. 4.2. The 
displacements within an element are expressed as
(4.2)
where
[N]
N. 0 N_ 0 N, 0 N„ 0 Nc 0 N, 01 2 3 4 5 6
0 N 0 N 0 N_ 0 N. 0 Nc 0 N. 1 2 3 4 5 6
(4.3)
and
(4.4)
For comer nodes
N = (21^ -1) L , etc (4.5a)
midside nodes
N4 4L1L2 , etc (4.5b)
For each of the six nodes, the displacement function N. is unity at node i, 
zero at all other nodes, and varies quadratically within the element. For a 
plane strain problem three components of strain are non-zero
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where
f t ]  -
WI. n i_ 0
bx
0 bNi
bz
bN. bN.l l
bz bx
(4.7)
The elements of the [B] matrix are (Rodrigues, 1975)
for comer nodes bN _ = 1 , . ,,T
WT1 2A 2_Z3 ( ) -
2AV 3 2 J K l (4.8a)
for midside nodes bN^
bx 2A^4(Z2~Z3') L2 + 4(-23-Zl')Ll^
bz4 2At4(x3~X2^L2 + 4(xl_x3  ^Ei4 (4.8b)
The other components of the [B] matrix may be found by cyclic permutation of 
the subscripts 1,2,3. It has already been shown in Chapter 3 that for a 
cross-anisotropic linear elastic material
{a} = [D]{c> (4.9)
In terms of nodal displacements the stresses now are
{a} = [D][B]{a } (4.10)
The stiffness matrix of an element is given by (Zienkiewicz, 1977)
In the program, the Young's modulus Ey is permitted to vary linearly within 
an element, in order to model increasing stiffness with depth. The parameters
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VHH5 VVH* m 3118 n remain constant within an element. It is convenient there­
fore to separate the variable Young's modulus Ey from the rest of the [D] 
matrix.
[D] = Ev [Dc] (4.12)
The [K ] matrix is computed by numerical integration using a suitable triang­
ular integration formula (Hammer and Stroud, 1959).
(4.13)
where NI is the number of integration points. It is also convenient in order 
to reduce the number of arithmetic operations to-replace [D ] by the product 
of a lower and upper triangular matrix
[DJ = [U]T [U] (4.14)
where, if
[D
dll d12 d13
d21 d22 d23
d31 d32 d33
(4.15)
then
u.ii (dii • i=i >3
and i-1
u.. = dij k=lUkiUkj , j=i+l,3
u. .ii
(4 .1 6 )
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Then
[Ke] = A E Ev.wi[B][tU]T[U][B]i
NI
NI T
i=l
where
= 2 [H]. [Hi.i=l 1 1 (4.17)
[H]. = (AEviw.)2[U][B] (4.18)
The global stiffness matrix [K] is simply the sum of all the element stiffness
matrices. Fixed boundary conditions are imposed by deleting the relevant
rows and columns from [K], and appropriately adjusting the load vector {f}.
The final set of equations is solved using- the well known method of
Cholesky decomposition (Jennings, 1977). The positive definite symmetric
matrix [K] is decomposed into the product of a lower triangular matrix [L]
Tand its transpose [L] ,
[K] = [L][L]T (4.19)
where, for i = 1, number of equations,
h i  ■ (ai i  q f / i ?  (4 -20)
Because the stiffness matrix is banded the summations in (4.20) are performed 
only over the bandwidth of the matrix. The set of equations (4.1) now becomes
[L][L]T{a> = (f) (4.21)
which is solved in two stages. Firstly, the equations
[L]{b} = {f> (4.22)
are solved by forward elimination to give {b}. The displacements {a} are 
next found by backsubstitution in
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This procedure does not make a greater demand on storage space as [L] is held 
in the space allocated to [K] and {b} is held in space allocated to {a}.
4.3 Interface finite element
In conventional finite elements, the displacements along the boundary 
between adjacent elements are required to be compatible. In a real physical 
situation, however, relative displacements may occur at the interface of soil 
and structure. Rodrigues (1975) has suggested that, where no relative move­
ment is allowed, the downward frictional pull exerted by the retained soil 
on a diaphragm wall may significantly reduce wall displacements. Finite ele­
ment analysis should therefore be capable of simulating interfacial sliding, 
where it is likely to occur.
Interface behaviour can be represented in a two-dimensional finite ele­
ment analysis using a one-dimensional slip element, placed along the boundary 
between the two-dimensional elements representing the soil and structure.
Models for the behaviour of the slip element may be determined from direct 
shear tests between soil and structure. The first attempt at finite element 
simulation of the relative movements between different materials was made by 
Ngo and Scordelis (1967), who used a linkage element to represent the bond 
between steel and concrete. Adjacent nodes in the steel and concrete were 
joined using simple springs normal to and along the interface. Goodman et 
al. (1968) developed a one-dimensional interface element to simulate joint 
behaviour in a discontinuous rock mass. By assuming shear and normal stresses 
in the joint element to be a function of the shear and normal differential 
displacements, a joint element stiffness matrix, relating nodal displacements 
to nodal forces, was set up. An improvement on this approach was suggested 
by Ghaboussi et al. (1973), who, by means of a suitable transformation of dis­
placements, derived the element properties directly in terms of the differential 
displacements. Their element was two-noded with a linear variation in dis­
placement along its length. The element introduced herein is similar to that 
of Ghaboussi et al. (1973), but allows a quadratic variation in displacement 
along its three-noded length.
[L]T {a> = {b> (4.23)
In the present work, an interface element is required to simulate the
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vertical interface between the soil and the concrete diaphragm wall. The 
element stiffness matrix is therefore derived, assuming the interface to be 
aligned with the global cartesian co-ordinate system. The element possesses 
three nodes from each of the adjacent elements A and B, as shown in Fig. 4.3. 
It is convenient to define the displacements associated with the interface 
element as
associated with the interface element. For plane analysis, (4.24) implies two 
displacement transformations for each interface node. All other nodal dis-
original nodal displacements {a} are related to the transformed displacements 
{a*} by the relation
where [R] is basically an identity matrix with the following modification: 
each row A associated with a transformed displacement a* has a 1 in column B 
associated with a*.
For the original finite element problem, without interface elements, it 
is known that
uA tt‘B (4,24)
(i.e., u* = v* = v1~v6, etc.). Only three nodes (1, 2, 3) are explicitly
placements are unaffected by the transformation; for example, u* = u,. The6 6
(a> = [R]{a*} (4.25)
[K] {a}- = {f}
[K] [R] {a*} = {f}
[R]T[K][R]{a*} = [R]T{f}
[K*]{a*} = {f*} (4.26)
where
[1C*] = [R]X[K][R] (4.27)
and
{ £ * }  = [R]T{ f } (4 .2 8 )
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In the program [K*] is obtained by performing a number of rowand column addi­
tions on the matrix [K], for each transformed displacement. The transforma­
tion may result in an increase in the bandwidth of the stiffness matrix, but 
this increase is minimised by choosing adjacent nodes in interface elements 
to have successive node numbers. Once the transformation (4.27) has been per­
formed the stiffness matrix of each interface element must in turn be added 
to [K*] to complete assembly.
The interface element is assumed to have no interior, i.e., its thick­
ness is zero. Stresses and strains are replaced by forces per unit length 
(p) and differential displacements {u*}, respectively. The strain energy of 
the element is
L T
U = 2/'{u*} {p}dz (4.29)
-L
where
{u*} = j U | and (pj = j Px j
Pz
The forces per unit length are assumed to be related to the differential dis­
placements by
{p} = [k]{u*> (4.30)
where, for a non-dilatant joint,
[k] =
k 0 n
0 k (4.31)
k = normal stiffness of joint n J
k = shear stiffness of joint s
The distribution of displacement is quadratic over the length 2L of the element.
u = NlUl ♦ N2u2 + N3u3 (4 .3 2 )
where
Ix = 0.5ri(l+n)
N2 = l - n2 (4.33)
N3 = -o.5n(i-n)
and t \ = z/L, with the origin of z being taken at the centre of the element. 
In terms of nodal displacements
{u*} = [N]{a* } (4.34)
where
r *e.T {a* } ■Tu* v* u* v* u* v*> tul 1 u2 2 3  3
and
[N] =
V  N2 0 N3 0
0 N][ 0 N2 0 N3
The forces per unit length are
{p> = [k] [N]{a* } (4.35)
Inserting (4.34) and (4.35) into (4.29) one obtains
u = {{a*e}T[Ke]{a*e> (4.36)
where
[K6] L/[N]A[k][N]dn
-1
(4.37)
This stiffness matrix (4.37) must be added to the global stiffness matrix for 
each interface element. Expression (4.37) may be evaluated either explicitly,
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or by numerical integration. As [N] is a quadratic function of n, the inte­
grand in (4.37) is a fourth order polynomial in n, if [k] is constant within 
the element. Numerical integration of (4.37) may be carried out using the 
Gauss-Legendre method with n = 3 (Huebner, 1975), for [k] constant or linearly 
varying within the element. For constant [k] the integration may easily be 
carried out explicitly to give
[K6] L_15
4k 0 2k 0 -k 0 n n n
4k 0 2k 0 -k s s s
16k 0 2k 0n n
symmetric
16k 0 2ks s
4k 0 n
4k
(4.38)
In the program, the addition of the interface element stiffness matrix to the 
global stiffness matrix requires a maximum of twelve additions per element. 
Differential movement along an interface element may be prevented by eliminating 
the six degrees of freedom of the element from the system of equations. This 
is equivalent to setting kn = kg = «. A frictionless interface may be simu­
lated by setting kg = 0 and eliminating the normal differential displacements.
4.4 Simulation of sequential excavation
In practice, a typical mass excavation procedure, for an excavation sup­
ported by an anchored diaphragm wall, involves alternate stages of mass excava­
tion and installation of prestressed anchored tiebacks. Both of these operations 
are simulated analytically in the program. Mass excavation is simulated by 
applying nodal forces, statically equivalent to the stresses released, to the 
newly exposed faces of the excavation. Installation of prestressed tiebacks 
is modelled by applying the prestress load to the wall and to the soil, in the 
anchor zone. Locking-off of tiebacks is simulated by inserting line elements 
into the global stiffness matrix, to represent the axial stiffness of a steel 
prestressing tendon.
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It has been shown, using the theorem of virtual work, that the displace­
ments, associated with an excavation into a time-independent linear elastic 
material, are independent of the number of excavation steps (Ishihara, 1970).
The computed displacements, associated with a cantilever diaphragm wall supp­
orted excavation into a linear elastic cross-anisotropic soil, should there­
fore be independent of the number of excavation steps. Where anchored tiebacks 
are progressively installed, the step independence no longer holds, as a struc­
tural change, other than soil removal, occurs during excavation. In a single- 
step excavation the stresses released are the in situ stresses, converted in 
a finite element context to statically equivalent nodal forces. Where an 
excavation is carried out in more than one step, the stresses to be released 
during the later stages are a function of both the original in situ stresses 
and the previous excavation steps. A reliable method of estimating stress 
changes due to previous excavation is necessary to enable accurate modelling 
to take place. Christian and Wong (1973) have shown that methods based on 
the extrapolation of element centroidal stresses (Duncan and Dunlop, 1969) do 
not accurately simulate the stress changes on excavation faces, due to previous 
excavation. Computed displacements obtained using these methods are dependent 
on the number of excavation steps, even for a linear elastic soil. Chandrase- 
karan and King (1974) have proposed a method, whereby the stress changes are 
obtained, as statically equivalent nodal forces, directly from the element 
stiffness matrices of the removed elements and the previous displacements of 
the excavation. The method gives step independent displacements for a linear 
elastic soil. The accuracy of the second approach is due to the fact that, in 
the finite element displacement method, equilibrium of nodal loads is satisfied, 
while stress equilibrium across element boundaries in general is not. The 
method of computing stress release used herein is based on that of Chandrasekaran 
and King (1974).
Before considering the excavation problem, it is desirable to first con­
sider the nodal forces, statically equivalent to a distributed surface
loading {t} on the boundary of an element. It may be shown (Zienkiewicz, 1977) 
that
{ft> = y'g[N]T{t}ds (4.39)
Twhere S is the loaded boundary surface of the element, and {t} = (t t }. IfX z
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{t} is assumed to be quadratically distributed over each element boundary, 
then
{t} = [N]{t }
where [N] is given by (4.3) and the nodal pressures are
(4.40)
{tejT = {txl tzl tx2 t t  , t  , }  x6 z6 (4.41)
The nodal forces are now given by
tftJ = Vs [N]T [N]{te}ds (4.42)
If only the boundary 1-4-2 of an element (see Fig. 4.2) is assumed to be loaded, 
the statically equivalent nodal forces in the x-direction are given by
txl
ftx4 '
lftx2 J
L_
30
2 -1
2 16
- 1 2  4
rt  "\Lxl
<tx4
t
- x2j
(4.43)
where L is the length of the side 1-2. The nodal forces in the z-direction are 
similarly defined. For a uniformly distributed surface pressure t r, the nodal 
forces are f ^  = f ^  = Lt^/6 and f ^  = 2Ltx/3.
The in situ total stresses within the soil are defined in terms of the 
bulk density of the soil y, pore water pressure u, at rest lateral pressure 
coefficient K , and depth below surface z, as
aV = Tz
a., = K (yz-u) + uH o J
(4.44)
In the program Kq, u are allowed to vary bilinearly with depth, as shown in 
Fig. 4.4. This variation with depth is given as input data, from which Kq and 
u, and hence the in- situ stresses, may be calculated at any depth z.
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The multi-step excavation illustrated in Fig. 4.5 is now considered. 
The stress release for each stage is simulated as follows:
Stage 1 Compute aR at nodes H^ , ay at nodes Vp, and hence the statically 
equivalent nodal forces, in the direction of stress release, from 
(4.43). Record the vertical nodal force (see Fig. 4.5) for 
future use.
Stage 2 From the in situ stresses at nodes H2 and V2, compute nodal forces 
as in Stage 1. Record the vertical nodal force Pg (see Fig. 4.5) 
for future use. Due to the first excavation stage nodal forces have 
been generated along the faces to be exposed in Stage 2. At excava­
tion level 2, for example, a reduction in vertical stress would be 
expected due to Stage 1„ These nodal forces generated during Stage 1 
may be computed by multiplying the element stiffness matrices of 
elements ap to a^  (see Fig. 4.5) by their associated nodal displace­
ments at the end of Stage 1. The nodal forces computed thus, for 
the nodes H2 and V2, are with one modification added to the load 
vector. The modification concerns the vertical force P^ , which has 
already been applied in Stage 1. This must be subtracted from the 
load vector to avoid applying the load for a second time.
Stage 3 Nodal forces are computed as in Stage 2. Hie nodal forces due to
previous Stages 1 and 2 are computed using the stiffness matrices of 
elements bp to (see Fig. 4.5) and the associated accumulated dis­
placements at the end of Stage 2. The vertical force PD is subtracted
D
from the computed load vector.
Prestressing of an anchored tieback also contributes to the loading on 
the soil. As a unit length of excavation is assumed in the plane strain anal­
ysis, the applied prestress load is calculated as the actual prestress load 
divided by the horizontal tieback spacing. The load is applied as shown in 
Fig. 4.6. The prestress load is applied to a wall node in the direction of 
the anchor, while the equal and opposite anchor load is applied uniformly over 
the anchor length.
Excavated elements have their element stiffness matrices removed from 
the global stiffness matrix. The displacements of any nodes removed are elim­
inated from the system of equations. When a tieback is locked off after pre­
stressing, the stiffness of the tieback and anchor contributes to the overall 
stiffness of the continuum in resisting further movements. This increase in
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stiffness is simulated using axial elements, which permit the transfer of axial 
load from the wall to the anchor zone. These elements are described by 
Zienkiewicz (1977) in the first chapter of his book. For an axial element in­
clined at angle 0 to the x-axis (see Fig. 4.7) the stiffness matrix is
[Ke] =
c2 cs ~c2 -cs
cs s2 -cs -s2
■c2 -cs c2 cs
-cs -s2 cs s2
(4.45)
where c = cos0, s = sin0, and {a } = (u. v. u. v-}1 x j j
Under certain circumstances it may be necessary to represent the free length 
of a tieback (i.e., the length unconnected to the soil) by more than one axial 
element. In this situation, the fact that an axial element has no stiffness, 
in the direction normal to its length, may lead to a numerically unstable situa­
tion. This may be avoided if the "free" nodes have their displacements trans­
formed to lie along (u*) and normal to ( v ! ) the length of the tieback (see Fig. 
4.7). The degree of freedom V , normal to the tieback, may be deleted from 
the system of equations to remove the singularity problem.
4.5 Bending moment, compression and shear on the wall
The diaphragm wall is represented as a number of continuum elements with 
the properties of concrete. It is acted on by nodal loads caused by excavation
and prestressing, as shown in Fig. 4.8. These nodal forces may be computed
by multiplying the wall element stiffness matrices and their associated nodal 
displacements. Bending moments, compression and shear forces may then be com­
puted from these nodal forces. As two sets of wall forces may be computed at 
each nodal level, depending on whether the nodal forces acting at that level 
are included or not, it is best to average the two sets to obtain a smoother
variation in wall forces. This is more compatible with the physical situation
of pressures varying along the wall.
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In the finite element discretisation of the problem, the back of the 
wall coincides with the boundary line between concrete and soil finite elements. 
Each nodal point is associated with a minimum of one soil element and one con­
crete element. In general, the stresses computed at a nodal point are different 
for each element containing the node. Where the elements have vastly different 
stiffnesses (e.g.,. concrete and soil) large differences in the computed stresses 
may appear. In this situation, it is difficult to estimate the stresses directly 
from the nodal displacements, using (4.10). Naylor (1974) has also suggested 
that large stress oscillation across elements may occur in almost incompressible 
materials. An alternative approach, to calculate soil pressures on the wall, 
is herein suggested.
It has already been shown in (4.43) that a quadratically varying distrib­
uted load on an element boundary may be represented as a statically equivalent 
set of nodal forces. Using this approach, an approximate pressure distribution 
may be inferred from the nodal loads. By considering the elements on one side 
of the back of the wall, the nodal forces due to the nodal displacements may 
be computed by multiplying the element stiffness matrix of each element by the 
corresponding nodal displacements, and summing over all the elements under 
consideration. Using (4.43) successively for each of n element boundaries (see 
Fig. 4.9), the following 2n + 1 equations may be set up:
4.6 Soil pressure on the back of the wall
where L = L . » o, p refers to nodal pressure, and f to nodal force. In
The matrix [S] is banded, symmetric and positive definite. Equations (4.47) 
may therefore be solved using Cholesky decomposition. Two sets of pressures 
are obtained, normal pressures from the horizontal forces and shear stresses 
from vertical forces.
L.
30 f2i-l , i*l,n+l
L.
30 (2p2i-l+16p2i+2p2i+l-) £2i 7 1=1,11 (4.46)
o n+1 *
matrix form (4.46) may be written as
[S](p> = {£> (4.47)
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If the actual pressure distribution is constant, linear or quadratic 
along each element boundary, and continuous from element to element, the above 
procedure computes the pressure distribution exactly. If the actual pressures 
are discontinuous from element to element, an approximate continuous distribu­
tion is computed using (4.47). A simple example of this is shown in Fig. 4.10, 
where two adjacent elements, one uniformly loaded, the other unloaded, are 
considered. In general, (4.47) computes a pressure distribution, which is 
quadratic along each element boundary, and continuous from element to element, 
but without slope continuity. To help smooth out slope discontinuity the 
following procedure is adopted (see Fig. 4.11):
1. Compute pressure distribution in the normal way using (4.47).
2. The quadratic portion of the distribution within each element is 
replaced by a rectangle of equal area.
3. Revised nodal forces are computed based on this new pressure distribu­
tion.
4. Resolve as in 1 until the pressure distribution becomes sufficiently 
smooth.
There is one other slight problem that needs to be considered. Where 
the line along which the pressures are to be calculated does not terminate at 
a free boundary, the nodal force computed at the restrained boundary includes 
a reaction, that is associated with the restraint provided and not directly 
with the applied nodal load. To avoid a significant error in the computed 
pressure distribution, it is best to move the restrained boundary away from 
the region of interest. In addition, the pressure distribution should be com­
puted up to but excluding the element boundary adjacent to the restrained 
boundary. The nodal force at the node, one element removed from the restrained 
boundary, is taken as one half the computed nodal force at that point.
4.7 Excess pore pressure in undrained analysis
It is desirable to compute the excess pore pressure generated by undrained 
loading, in order to determine the extent and location of subsequent consolida­
tion or swelling, as a drained condition is approached. It has already been 
shown in (3.29) that the excess pore pressure, generated by the undrained load­
ing of a saturated cross-anisotropic linear elastic soil, may be computed 
from the total applied stresses and the compressibility parameter r'. For a 
plane strain loading situation, the out-of-plane normal stress is given by
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(3.11) as
For undrained loading, using (3.16), this becomes
o = (l-0.5n)a + 0.5nay J x z (4.48)
and (3.29) becomes
u (2-0.5n)r'ar + (l+O.Snr^aA  Z (4.49)
1 + 2r1
In the program, excess pore pressures are obtained by averaging the centroidal 
stresses, and a , across pairs of elements as-shown in Fig. 4.12, and then 
using (4.49). The centroidal stresses are calculated using (4.10).
4.8 Pore pressure changes due to steady-state seepage
If the soil remained fully saturated in the long-term after excavation, 
the water table would be at different levels within and outside the excavation. 
For a low permeability soil, such as London Clay, it is reasonable to assume 
that the long-term water table would be at the ground surface behind the ex­
cavation and at the excavation base within the excavation. A steady-state 
seepage condition, involving flow of water into the excavation, would then 
exist. This steady-state seepage problem may be described by equations similar 
to those of linear elasticity, and hence may be solved in a like manner using 
finite elements (Zienkiewicz and Cheung, 1965; Zienkiewicz et al., 1966). The 
two-dimensional steady-state seepage problem is described by
where h is the total head (typically in metres of water), and k^ , k^ are 
the soil permeabilities in the horizontal and vertical directions, respectively. 
The finite element discretisation of the problem has one unknown, total 
head h, associated with each nodal point. Equation (4.50) reduces to the set 
of equations
(4.50)
[K] {h} = 0 (4.51)
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where [K] is assembled element by element as before, and
NI bN-bN- bN.bN.
= Ai=i (^ xbx1bx‘) + ^zbz15z-1 )w^ (4.52)
using previous notation. If the permeability is constant within an element, 
the integrand is quadratic for a six-noded triangle and a three-point integra­
tion (Hammer and Stroud, 1959) is necessary. The boundary conditions of h = 0 
at the ground surface and h = -H at the excavation base (see Fig. 4.13) areN 
easily implemented. The changes in pore pressure from hydrostatic due to 
steady-state seepage may be found from
For the excavation problem in Fig. 4.13, steady-state seepage gives rise to a 
general reduction in pore water pressure.
The drained loading on the soil skeleton, due to excavation, may be 
considered in two stages. Firstly, assuming an impermeable wall and base, the 
total stresses are removed, as for undrained loading, but using drained elastic 
parameters to describe the soil skeleton. Relaxing the impermeability condition 
on the excavation base gives rise to steady-state seepage and a general drop 
in pore water pressure. This decrease in pore water pressure may be applied 
to the soil skeleton as an initial stress {Au}, which may be converted to nodal 
forces (Zienkiewicz, 1977)
{Au} = Yw{h) (4.53)
(4.54)
for each element.
Both the loading and the soil parameters are different for the drained 
and undrained analysis of the behaviour of excavations into saturated soils.
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Figure 4.1 Plane continuum divided into finite elements.
Figure 4.2 Linear strain triangular finite element
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Figure 4.3 Interface element
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Figure 4.5 Simulation of sequential excavation Ca) Finite element mesh;
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Figure 4.6 Simulation of tieback prestressing
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Pressure
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Figure 4.10 Continuous pressure distribution computed for a discontinuous 
actual pressure distribution.
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Figure 4.11 Smoothing procedure for pressures on back of wall
Figure 4.12 Stress averaging for pore pressure computation.
Figure 4.13 Steady-state seepage into an excavation of depth H.
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BACK ANALYSIS OF THE BEHAVIOUR OF AN INSTRUMENTED 
EXCAVATION IN LONDON CLAY
CHAPTER 5
5.1 Introduction
Observation of the performance of full scale foundations in the field 
plays an important role in improving understanding of the behaviour of the 
ground and its interaction with the structure. The field measurements may be 
used, in conjunction with appropriate analytical .techniques, to back analyse 
the in situ deformation properties of the soil. Provided the analysis is qual­
itatively correct, back analysis can provide valuable quantitative information, 
which may be of direct use, where similar ground conditions are encountered. 
Burland (1977) has presented a number of case histories, in which finite ele­
ment analysis was used to back analyse the deformation properties of in situ 
soil masses.
The results of a field instrumentation programme, on a diaphragm wall 
supported excavation, 8.6 m deep, in stiff London Clay, have been recently 
published (Sills et al., 1977). The wall was supported by four rows of inclined 
prestressed tiebacks, anchored in the London Clay. At the instrumented cross- 
section, surface and internal displacements, pore water pressures and anchor 
loads were measured. A brief description of the site is repeated herein, to­
gether with a summary of the field measurements. The end of excavation perform­
ance is back analysed using the finite element program, described in the 
previous chapter. The results of the analysis are compared with the field 
measurements, and some conclusions are drawn regarding the likely deformation 
parameters of the London Clay at Neasden.
5.2 Description of the site and instrumentation
The instrumented wall panel, described by Sills et al. (1977), forms part 
of a diaphragm wall, retaining the sides of a cutting, up to 10 m deep, which 
takes Neasden Lane under the North Circular Road, in north west London. Each 
wall panel, 0.6 m thick x 4.57 m wide x 13 m deep, is supported by eight pre­
stressed tiebacks, inclined at angles varying between 20° and 40°, and anchored
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in the London Clay. At the instrumented panel, the excavation base is about
8.6 m below the retained ground surface. A site plan and cross-section of 
the instrumented panel, showing the location and extent of the instrumentation 
and anchored tiebacks, are shown in Fig. 5.1.
The site is covered by 200 mm of topsoil and made-up ground, overlying 
stiff brown fissured silty London Clay. At an average depth of about 8 m, the 
brown clay grades into grey-blue fissured London Clay, containing dustings of 
silt in its fissures. Although none of the site investigation boreholes was 
taken into the underlying Woolwich and Reading Beds, nearby borehole informa­
tion suggests that the Woolwich and Reading Beds are encountered at a depth of 
approximately 30 m. This information further suggests that chalk is found at 
a depth of about 50 m. Soil properties obtainedtfrom laboratory tests, as pub­
lished by Sills et al. (1977), are shown in Fig. 5.2. These test results are 
fairly typical of London Clay.
The deformation of the wall and the surrounding ground was expected to 
be mainly perpendicular to the line of the wall, due to the plane geometry. 
Instrumentation was placed along Elm Way, which lies almost perpendicular to 
the line of the wall (see Fig. 5.1). Displacements of the retained ground 
were measured with reference to the datum points A and B, the point B being 
60 m distant from the wall. Horizontal and vertical surface movements were 
measured at points R1 to R5. Subsurface movements were measured by means of 
magnet extensometers (for vertical movements) and inclinometers (for horizontal 
movements) at distances of 4 m and 19 m behind the wall. Horizontal wall move­
ments were measured using inclinometer II. Pore water pressures were measured, 
during and after excavation, using pneumatic piezometers and Casagrande stand­
pipes, placed just behind the wall and at 4 m and 19 m from the wall. The loads 
were measured in each of the eight anchors in the test panel, using vibrating 
wire load cells. A fuller description of the instrumentation may be found in 
Sills et al. (1977).
5.3 Field measurements
The survey reference points, piezometers, magnet extensometers and 
inclinometers, 12 and 13, were installed towards the end of 1971. By the end 
of January 1972, the instrumented diaphragm wall panel was cast, complete with 
inclinometer tube, II. Excavation commenced in mid-February and was carried 
out in a number of steps, as shown in Fig. 5.3, to completion in early August,
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1972. The installation dates of the rows of anchors in the test panel are 
shown in Fig. 5.3. Surface surveys and instrument readings took place at 
various times before, during, and after completion of the excavation.
Profiles of horizontal movement of the three inclinometer tubes are shown 
in Fig. 5.4. During the early stages of excavation, the magnitude of horizontal 
movement decreased with increasing distance from the excavation. After pre­
stressing of the second and third rows of anchors, inclinometer tube 12 was 
found to have moved further towards the excavation, than did tube II, indicat­
ing a zone of compression.immediately behind the wall. This trend was reversed 
in the longer term. Profiles of horizontal and vertical surface movements, 
obtained at various times, are shown in Fig. 5.5. Significant vertical settle­
ments were concentrated within 20 m of the wall, while horizontal movements 
extended much further back. Most of the vertical settlement occurred in the 
latter stages of excavation and thereafter. All movements were significantly 
time dependent, about 50% of all movement occurring after completion of the 
excavation. Some vectors of movements, highlighting this time dependency, are 
shown in Fig. 5.6
Considerable difficulty was experienced with the operation of the piezo­
meters, due mainly to damage caused during construction. The range of pore 
water pressures, measured towards the end of excavation and eight months after 
conpletion of excavation, are shown in Fig. 5.7. A general drop in pore pres­
sure was observed to continue after the end of excavation, reaching a minimum 
eight to ten months later.
The variation of anchor loads with time is shown in Fig. 5.8. The loads 
in the upper two rows of anchors tended to decrease, upon prestressing of the 
row beneath, thereafter recovering to stabilise at loads slightly below the 
initial prestress. The loads in the two lower rows showed a slight decrease 
with time.
5.4 Finite element analysis
A finite element analysis is carried out, assuming a condition of plane 
strain, on a unit width of wall, retained by equivalent anchored tiebacks. The 
equivalent tieback loads and cross-sectional areas are taken to be the actual 
values, divided by the horizontal spacing of the tiebacks. From Fig. 5.3 it 
is seen that the bottom row of anchors was installed two months after the end
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of excavation. An undrained analysis is carried out, excluding this bottom row, 
to back analyse the end of excavation performance of the excavation. In order 
to model the actual excavation progress as closely as possible, the excavation 
is simulated analytically, in three steps, as follows (see Fig. 5.9):
Step 1 Excavate to -3.8 m and prestress tieback at -1.8 m.
Step 2 Lock off tieback at -1.8 m, excavate to -5.8 m, and prestress tieback
at -3.8 m.
Step 3 Lock off tieback at -3.8 m, excavate to -8.6 m, and prestress tieback 
at -5.8 m.
Stress release on the newly excavated surfaces is simulated, in each 
step, in the manner previously described. -A bulk unit weight of 20 KN/m3 is 
assumed for the saturated clay. In situ pore water pressures are taken to be 
hydrostatic, with the water table at the ground surface, in line with available 
borehole information. The at rest earth pressure coefficient, Kq, is chosen 
I to lie between the values suggested by Skempton (1961) and Bishop et al. (1965),
and is given by
Kq = 3.7 - 0.085z (5.1)
over the depth of interest, where z is the distance below ground surface.
A tieback at Neasden consists of four low relaxation Bridon prestressing 
strands, each of nominal diameter 15.2 mm and nominal area 138.7 mm2. The 
equivalent tieback of unit width is therefore assumed to have a cross-sectional 
area of 247 mm2 and a Young's modulus of 198 GN/m2. Although the tiebacks at 
the instrumented panel are inclined at 20° to the horizontal, all of the adj­
acent tiebacks are inclined at 40°. In the analysis an inclination of 40° is 
assumed as it is believed that this figure more accurately reflects the direc­
tion of anchor loading on the panel, due to the effect of adjacent panels.
In the analysis, the excavation is assumed to be symmetrical about the 
centre line of the cutting, so that only half the excavation need be analysed, 
as shown on the finite element mesh in Fig. 5.10. A rigid horizontal boundary 
is assumed at the base of the Woolwich and Reading Beds, 50 m below the ground 
surface. A rigid vertical boundary is assumed at a distance of 90 m from the 
excavation. Rodrigues (1975) has investigated the influence of the position 
of this boundary, and suggested that it has negligible effect on the movements
  ------------------------
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in the vicinity of an excavation, provided it is at least ten times the excava­
tion depth from the excavation. The half-width of the excavation is taken to 
be 10 m.
The finite element model in Fig. 5.10 is composed of three materials.
The reinforced concrete diaphragm wall is represented by 14 concrete elements, 
which are sufficient to model accurately the bending of the wall. The concrete 
is assumed to be an isot-ropic linear elastic material, having Young's modulus,
E = 20 GN/m2, and Poisson's ratio, v = 0.2. As previously discussed, the
G C
undrained behaviour of the London Clay is assumed to be cross-anisotropic 
linear elastic and almost incompressible. Its deformation parameters are 
VHH = vvh = 0,499 > m = 0.38', n = 1.8 and Ey. From the back analysis, a
distribution of Ey, increasing with depth,-is obtained. The Woolwich and 
Reading Beds which underlie the London Clay are known to be significantly stiffer 
than the clay. Laboratory tests have indicated vertical and horizontal stiff­
ness of the order of 375 MN/m2 (Ward, 1961) and 580 MN/m2 (Cole and Burland,
1972), respectively. Cole and Burland (1972), assuming isotropic linear elast­
icity, obtained a Young's modulus of 590 MN/m2 from back analysis of a strutted 
excavation. St. John (1975) has used values ranging from 300 - 450 MN/m2 in 
finite element analysis of braced excavations. In the present analysis, the 
Woolwich and Reading Beds are assumed to be isotropic linear elastic, with 
E = 450 MN/m2 and v = 0.3.
5.5 Results
By a trial and error process, it is found that the observed end of excava­
tion displacements at Neasden are most closely approximated, by assuming the 
vertical Young's modulus of the undrained London Clay to be distributed as
Ey = 5 + 6z (MN/m2) (5.2)
i.e., increasing linearly from 5MN/m2 at the surface, to a value of 185 MN/m2 
at a depth of 30 m. The analytical displacements of the wall and retained 
ground surface are conpared in Fig. 5.11 with those observed by Sills et al. 
(1977), at the end of excavation. The similarity between horizontal wall 
movements into the excavation is achieved by varying Ey for the clay, to obtain 
a good fit with the observed displacements. The agreement between surface 
movements is not as good. The horizontal compression of the ground surface,
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observed in the field, is not reproduced in the analysis, which suggests a 
decrease in horizontal movement with increasing distance from the excavation. 
Apart from the zone in the vicinity of the wall, the analytical and observed 
horizontal surface movements are qualitatively similar. In the field, the top 
of the wall settled by 10 mm, and a maximum surface settlement of 12 mm was 
observed 4 m behind the wall. Settlement decreased to zero at 40 m from the 
excavation. The analysis computes a slight heave of the top of the wall, behind 
which the surface settles to a. maximum of 5 mm at a distance of 3.5 m from the 
excavation. Thereafter, the computed settlement decreases very slowly with 
increasing distance from the excavation, as shown in Fig. 5.11. The build up 
of movement during the three analytical excavation steps is shown in Fig. 5.12^
Pore pressures computed at distances -of 2 m, 5.5 m and 16 m from the exca 
vation are compared in Fig. 5.13 with pore pressures recorded in the field, at 
distances of 0 m, 7 m  and 16 m behind the wall. The field data, chosen for the 
comparison, are those obtained on either side of the end of excavation, the 
dates of the readings being shown in Fig. 5.13. Both the observed and computed 
pore pressures are seen to be lower than hydrostatic at all three locations. 
Contours of computed pore pressure in the vicinity of the excavation are shown 
in Fig. 5.14.
The normal pressure distribution computed for the back of the wall is 
shown in Fig. 5.15. A tension zone, 0.5 m deep, is found at the top of the 
wall. A general drop in pressure from in situ values is computed, except near 
the bottom of the wall, where there is little change. A downward shear stress, 
varying from 10 - 40 KN/m2, on the back of the wall, due to soil settlement, is 
computed. Bending moment, axial compression and shear force diagrams for the 
wall are shown in Fig. 5.16. The increase in anchor load, conputed in the 
analysis, is tabulated in Table 5.1 for succeeding analytical excavation stages
The results of a single step analysis, in which excavation to full depth 
and prestressing of all three anchors take place simultaneously, are compared 
with those of the three step analysis in Figs. 5.15 and 5.17, and found to be 
little different.
Two single step analyses are carried out, assuming a frictionless inter­
face between soil and wall. In the first of these, where Ey is given by (5.2), 
the horizontal movement of the top of the wall increases by 50%, as shown in 
Fig. 5.18. In the second analysis, a distribution of horizontal vail movement,
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very close to that of the basic single step analysis, is obtained assuming 
interface sliding and Ey = 20 + 6z. Where interface sliding is assumed, the 
top of the wall heaves slightly, and maximum soil surface settlement occurs at 
the interface of the soil and wall (see Fig. 5.18). The pressures and wall 
structural forces from the second analysis are compared with those of the basic 
analysis in Figs. 5,19 and 5.20, respectively.
5.6 Discussion
The distribution of Ey with depth, deduced from the•analysis, follows 
the same general pattern previously obtained from in situ tests (Marsland, 1971) 
and analyses of full scale foundations (Cole and Burland, 1972; Hooper, 1973;
St. John, 1975). These stiffness values are significantly higher than those 
obtained from laboratory triaxial tests. The reasons for this difference have 
been recently discussed by Simpson et al. (1979), who suggest that it is mainly 
due to the threshold effects observed in London Clay (Som, 1968).
As the analytical and observed displacements are in reasonable agreement, 
at least in a qualitative sense, the analysis provides a means of investigating 
the relative contribution to the displacements of each source of loading on the 
excavation. The undrained loading on the excavation may be divided into three 
components:
(i) the release of overburden pressure on the base of the excavation;
(ii) horizontal stress release on the front of the wall; and
(iii) anchor prestressing.
From Fig. 5.17, it is seen that the presence of the prestressed tiebacks 
reduces the computed horizontal movement of the top of the wall by 40% from 
39 mm to 24 mm, in addition to reducing the possibility of horizontal tension 
at the retained ground surface, in the vicinity of the excavation. By means 
of displacement vector plots, Figs. 5.21(a) - (c) show the contribution to de­
formation, in the vicinity of the excavation, of vertical stress release, hori­
zontal stress release and the prestressed tiebacks, respectively. Vertical 
stress release causes the soil to "flow11 towards the base of the excavation, 
due to the near incompressibility of the undrained clay. It also gives rise 
to heave of the wall, accompanied by rotation about its top into the excavation. 
Horizontal stress release, on the vertical face of the wall, results in large 
horizontal movements, for a considerable distance, in the region behind the wall
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Movement is generally towards the centre of the wall or thereabouts. Displace­
ments behind the excavation beneath the level of the toe of the wall are general­
ly smaller than those associated with vertical stress release. Compared with 
the release of in situ stresses, the region of influence of the prestressed 
tiebacks is very limited. They basically cause the wall to rotate about its 
toe away from the excavation, resulting in heave of the ground surface, again 
due to the incompressibility of the clay. Displacements in the anchor region 
are very small. While prestressed tiebacks are effective in reducing wall and 
surface movements, they do little to prevent the deep seated movements, that 
occur within the soil, as shown in Fig. 5.21(d), which illustrates the overall 
pattern of movement obtained from the analysis. The reason for large horizontal 
movements behind the anchor zone appears to be the inability of the prestressed 
tiebacks to prevent the more remote movements caused by in situ stress release, 
rather than the prestress loading on the anchor zone.
The displacements associated with single and three step analyses are 
compared in Fig. 5.15, where only a small difference is seen. The essential 
difference between the two .analyses is the absence of any tieback stiffness, 
when excavation is simulated in one step. The presence of anchored tiebacks 
without any prestressing would thus appear to be of little use in reducing 
movement. In practice, tieback stiffness is likely to be low as it is deter­
mined by prestressing requirements. Where linear behaviour of the soil is 
assumed, a single step analysis is likely to be adequate for a typical anchored 
diaphragm wall.
The results of the analyses, assuming a frictionless interface between 
soil and wall, are interesting in that they suggest that frictional contact 
between the soil and wall makes a significant contribution towards reducing 
movements, in the vicinity of the wall. For the same soil stiffness, the dis­
placements of the retained soil mass, associated with a frictionless interface, 
are greater near the wall and decrease more rapidly with increasing distance 
from the excavation (see Fig. 5.18). The horizontal movement of the top of the 
wall is greater by 50%. To obtain the same wall displacement as in the basic 
analysis, a surface value of of 20 MN/m2 is required for the case of a fric­
tionless interface, compared with a value of 5 MN/m2, where full friction is 
assumed. The rate of increase of with depth remains the same at 6 MN/m2/m 
depth. For the same wall displacement, it is shown in Fig. 5.19 that there is 
a slightly greater drop in normal soil pressure on the back of the wall, where
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the soil/wall interface is frictionless. The downward shear stress, applied 
by the soil on the back of the wall, as computed in the basic single step 
analysis, is also shown in Fig. 5.19; it is fairly uniform over the depth of 
the wall.
Pore pressures were measured in the field on a number of occasions, during 
and after excavation. However, no field records are available for early August 
1972, when excavation was completed. It is necessary to compare the computed 
pore pressures with those field records, obtained on either side of the end of 
excavation. The locations behind the wall of computed and observed pore pres­
sures do not coincide, but are close together, as shown on Fig. 5.13. Reason­
ably good agreement is obtained between computed and observed pore pressures, 
at all three locations. Pore pressures behind the wall generally drop below 
hydrostatic, due to excavation. The analysis suggests that pore pressures, 2 m 
behind the excavation, drop to zero for a depth of 6.5 m below the retained 
ground surface, and that little change occurs at the level of the toe of the 
diaphragm wall. A smaller but more uniform drop in pore pressure is computed 
at the two locations, further behind the wall. The contours of computed pore 
pressure, shown in Fig. 5.14, present an overall picture of pore pressure changes 
in the vicinity of the excavation. A general drop in pore pressure is computed, 
except near the toe of the wall, where an increase occurs, probably due to 
compression caused by axial loading on the wall. Negative pore pressures are 
found immediately behind the wall, above the level of excavation, and near the 
base of the excavation. The drop in pore pressure in the anchor zone is also 
apparent from Fig. 5.14.
The small increase in anchor load, conputed for succeeding excavation 
stages, further suggests that the anchored tiebacks themselves play a very 
small role in reducing wall movement. A maximum bending moment on the wall of 
277 kNm/m run, at a depth of 6.4 m, is computed in the analysis (see Fig. 5.16). 
The axial compression force on the wall is computed to be a maximum of 651kN/m 
run at a depth of 7.8 m, thereafter decreasing fairly steadily to zero. Two- 
thirds of this figure may be attributed to the vertical components of the tie- 
back loads, the other third being due to downward shear by the retained soil 
on the back of the wall.
It is clear from Fig.5.4 that horizontal wall movements doubled during 
the ten months following the end of excavation. Surface movements in the vicin-
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ity of the excavation did likewise (see Fig. 5.5). Little change in tieback 
load occurred in that time, ruling out the possibility of anchor relaxation.
The large increase in movement may have been due to time dependent swelling of 
the clay, after the reduction in stress levels, or to the opening of fissures, 
causing a loss of strength in the upper regions of the clay. In a later chapter 
drained and undrained behaviour of a similar excavation will be compared, assum­
ing elastic behaviour of the soil.
5.7 Conclusions
Analysis of the anchored diaphragm wall at Neasden provides further 
evidence that the undrained stiffness of London Clay increases with increasing 
depth below the ground surface. The reasonable agreement obtained between 
computed and observed displacements indicates that the undrained deformation 
behaviour of the London Clay at Neasden may be modelled, assuming the clay to 
be a linear elastic cross-anisotropic incompressible material. Suitable 
deformation parameters are m = 0.38, n = 1.8, and vertical Young's modulus Ey 
increasing linearly from 5 MN/m2 at the surface to 185 MN/m2 at a depth of 
30 m.
It is not necessary to take the excavation sequence into account in a 
linear elastic analysis, as the stiffness of a practical tieback arrangement 
is too low, to affect the displacements significantly. The small load increases
in the tiebacks, due to sequential excavation simulation, support this conclusion.
Due to the incompressibility of the elastic soil model, significant dis­
placements are computed far away from the excavation, at variance with field 
observations.
Although the prestressed tiebacks reduce horizontal wall movement con­
siderably, their area of influence is limited to a triangular wedge of soil
behind the wall. The large movements occurring behind the anchor zone are
more likely due to the inability of the anchored tiebacks to reduce the move­
ments, caused by in situ stress release at the excavation, rather than the 
application of the prestress loads to the anchor zone.
The frictional forces, acting on the interface between the soil and the 
back of the wall, contribute significantly towards reducing the wall movements, 
computed in the analysis.
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Figure 5.8 Variation of anchor loads with time (Rodrigues, 1975)
I 10m 0.6m
Rigid boundary
Figure 5.9 Analytical simulation of Neasden excavation
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Figure 5.15 Normal soil pressure on back of wall: 1 step and 3 step analyses
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PARAMETRIC STUDY OF THE UNDRAINED BEHAVIOUR OF 
AN ANCHORED DIAPHRAGM WALL SUPPORTED EXCAVATION IN SATURATED CLAY
6.1 Introduction
A diaphragm wall is generally used as a means of excavation support, 
which reduces to a minimum any disturbance of the surrounding ground. In the 
case of an anchored diaphragm wall, the designer usually has a certain amount 
of flexibility in choosing a suitable wall.and anchor system. In order to 
achieve an optimum design, it is important to know what factors contribute 
most significantly to the reduction of movement, for any particular application. 
Such knowledge is usually gleaned from observations on the field performance 
of various combinations of wall and anchor systems, in different soil conditions. 
Provided the problem can be simulated analytically to a reasonable degree of 
accuracy, it is possible to obtain much guidance from a desk study, at little 
relative cost. In recent years, the finite element method has emerged as an 
analytical tool, which is ideally suited to such a parametric study.
The finite element program, described in Chapter 4 of this work, is used 
to carry out a parametric study on the undrained behaviour of an anchored 
diaphragm wall supported excavation in saturated clay. A brief dimensional 
analysis of the problem is used to indicate the large number of parameters that 
need to be considered for a complete study. The basic problem chosen for 
analysis is similar to the Neasden excavation, analysed in the previous chapter. 
The influence of various parameters, associated with the wall, soil, anchored 
tiebacks, and excavation geometry, is examined. The effect of allowing a 
frictionless interface between the soil and vertical sides of the wall is also 
considered.
6.2 Dimensional analysis
In order to build up a picture of the parameters that influence the 
behaviour of an excavation, the sinple situation, shown in Fig. 6,1, is first 
considered. An unsupported excavation of depth H, width B, and infinite length, 
is made into a half-space of saturated clay, in which the pore water pressure
CHAPTER 6
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is hydrostatic. The clay is assumed to be an isotropic linear elastic homo­
geneous material, which is incompressible under undrained loading. In such a 
loading situation, the total stresses released on the base and sides of the 
excavation are (see Fig. 6.1)
°V = YH
°H " + Tv,2
- {K + (l-tyy^hz (6.1)
Y
T= K yz o
Twhere Kq is a total stress at rest earth pressure coefficient. The total loads 
released are
Py = yHB = (B/H)yH2
PH = j J r H 2 ( 6 . 2 )
TFor constant B/H and K , the loading is directly proportional to yH2. The
soil is described only by its Young's modulus, E, as v = 0.5. Again for con- 
Tstant B/H and K , a characteristic displacement A is directly proportional to
the loading parameter yH2 and inversely proportional to E. A characteristic
dimensionless displacement of the excavation may be defined as EA/yH2. The
Tonly other dimensionless parameters of the problem are K and B/H. The dimen-o Tsionless displacement EA/yH2 varies linearly with a variation in K , in a 
manner which depends on B/H. Therefore
^2 = {fj (B/H) + f2(B/H) JjfjCB/H) (6.3)
where f^ , f and are unknown functions of B/H.
For a soil with Young’s modulus increasing linearly with depth from a 
value of zero at the surface
E « Xz (6.4)
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the dimensionless displacement may be chosen to be XA/yH.
If the excavation is supported by a thin rigid wall, of depth D, a new 
dimensionless variable, D/H, is introduced and
BA = {gi + g2K^}g3 (6.5)
yH
where gi = g± (B/H, D/H),
For a flexible wall, the wall thickness, T, and material parameters E , 
msut be included, to complicate further the dimensionless relationship. 
Considering the soil to be cross-anisotropic requires the inclusion of the 
parameters, m and n. Other variables that -need to be considered include the 
tiebacks, anchors, prestressing loads, sequential excavation, soil profile, etc. 
A complete parametric study is clearly very difficult due to the large number 
of variables. A considerable amount of judgement is needed in choosing the 
parameters to be varied. The parametric variations are considered after anal­
ysis of the basic problem.
6.5 The basic problem
The basic excavation, 12 m deep and 48 m wide, is made into a 60 m deep layer 
of saturated clay, resting on a rigid boundary (see Fig. 6.2). The diaphragm 
wall is 1 m thick, 16 m deep and is supported by three rows of prestressed 
tiebacks, inclined at a slope of 4:5, and anchored in the clay, as shown in 
Fig. 6.2.
The undrained clay is assumed to be cross-anisotropic linear elastic
and almost incompressible, with elastic parameters v™ = 0.1, = 0.499,tin Vn
m= 0.38, n= 1.8, Ey = 7.5z. The diaphragm wall is assumed to be isotropic 
linear elastic, with = 0.2 and Ec « 20 GN/ra2. The equivalent tiebacks each 
have a cross-sectional area of 500 mm2/m run of wall and Eg = 200 GN/m2. Both 
free and anchored lengths are 12.8 m. The undrained loading is calculated,3assuming y = 20 KN/m , Kq = 3, hydrostatic pore water pressure, and a prestress 
load of 500 KN/m run in each tieback.
The soil deformation and loading parameters are believed to be reasonably 
representative of a deposit of heavily overconsolidated London Clay. Due to
109
the large value of Kg associated with London Clay and the necessity to anchor 
the tiebacks in the clay, it is difficult to provide prestress loads, as high 
as those recommeded by Hanna and Matallana (1970), without causing a bearing 
capacity problem in the anchor region. At Neasden, the total prestress load 
amounted to approximately 50% of the horizontal load release, computed using 
(5.1). A similar percentage is chosen for the basic excavation of this para­
metric study.
In the finite element discretisation of the problem, a rigid vertical 
boundary is placed 120 m from the excavation, i.e., at ten times the excavation 
depth. The excavation is assumed to be symmetrical about its centreline, and 
only half of the excavation is considered, as shown in Fig. 6.3, which illus­
trates the finite element mesh used. The excavation is simulated in the anal­
ysis, using both one and three excavation steps. In the single step analysis, 
the full depth of 12 m is excavated and the prestressing loads are applied to 
the three tiebacks; no tieback stiffness is inserted in the global stiffness 
matrix. This analysis simulates excavation to full depth, followed by the 
simultaneous prestressing of all three tiebacks. The three step analysis pro­
ceeds as follows:
Step 1 Excavate to -4 m and prestress tieback at -2 m.
Step 2 Lock off tieback at -2 m, excavate to -8 m, and prestress tieback
at -6 m.
Step 3 Lock off tieback at -6 m, excavate to -12 m, and prestress tieback 
at -10 m.
In this analysis, an anchored tieback contributes towards resisting further 
movement, once it has been locked off after prestressing.
6.4 Analytical results for the basic problem
The accumulation of wall and surface displacements, for the three step 
analysis, is shown in Fig. 6.4. Horizontal movement towards the excavation 
and vertical settlement of the ground surface increase at an increasing rate 
as excavation proceeds. This is to be expected as the net unloading in any 
step increases during excavation. The diaphragm wall is displaced laterally 
into the excavation with negligible vertical movement. The bending of the 
wall away from the excavation becomes more pronounced with each excavation 
stage.
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The final wall and surface movements may be more clearly seen in Fig. 6.5, 
which also contains the results of the single step analysis, The single step 
displacements are everywhere less than 10% greater than those of the three 
step analysis. This suggests that the stiffness of the anchored tiebacks con­
tributes little towards resisting movement of the wall. The extent of this 
influence is shown in Fig. 6.5b, for both prestressed and passive anchored 
tiebacks. The displacements associated with a cantilever wall and the basic 
tied wall are compared in Fig..6.6. The prestressed tiebacks significantly 
reduce movements in the vicinity of the excavation, almost halving the horizon­
tal displacement of the top of the wall from 53 mm to 27 mm, and reducing 
vertical surface settlement from 18 mm to 7 mm, at a distance of 5 m from the 
excavation. Prestressing causes the wall to rotate about its base and bend 
towards the retained soil, as shown in Fig.- 6.6b* Both horizontal movement 
of the base of the wall and vertical heave of the centre of the excavation re­
main unaffected by tieback prestressing, at 17 mm. For the tied wall, the 
maximum horizontal wall movement of 30 mm occurs at about mid-depth of the 
excavation.
The change,due to excavation, in normal soil pressure on the back of the 
wall is shown in Fig. 6.7. The pressure decrease, most of which occurs during 
the final stage of excavation, is greatest at a depth of 8 m below the top of 
the wall. In Fig. 6.8, the pressures on the back of cantilever and tied walls 
are compared. Tension is predicted up to a depth of 4 m below the retained 
ground surface, at the back of the cantilever wall. Such tension would be ex­
pected to cause fissuring, invalidating the linear analysis. No tension is 
computed for the tied wall. The downward shear on the back of the wall, caused 
by soil settlement, is reduced by the inclusion of prestressed tiebacks.
The structural forces, computed for the wall, are shown on Fig. 6.9. 
Positive bending moment is associated with tension on the front face of the 
wall. Above the base of the excavation, the bending moment is positive, having 
a maximum value of 904 KNm/m run of wall, at a depth of 8 m, while it is nega­
tive below the excavation base, due to partial fixity of the wall in the soil. 
Wall compression, which is mainly due to the vertical component of prestressing 
force, increases to a depth of 10 m and thereafter decreases.
The displacement vector plots, in Figs. 6.10(a) - (c), show the contribu­
tion to movements of vertical stress release, horizontal stress release, and
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the prestressed tiebacks, respectively. Fig. 6.10(d) contains a vector plot 
of the overall movements associated with the basic excavation. The pattern 
of movement is basically similar to that obtained from the analysis of the 
Neasden diaphragm wall. Vertical stress release gives rise to significant 
movement of the soil below and behind the wall, due to the near incompressi­
bility of the soil. The soil appears to rotate about a point on the ground 
surface, 5 m behind the excavation (see Fig. 6.10(a)). The movements due to 
horizontal stress release are concentrated behind the diaphragm wall, the sur­
face settlements again being due to near incompressibility of the soil. The 
area of influence of the anchored tiebacks is limited to a triangular wedge 
of soil behind the wall, as shown on Fig. 6.10(c). Regardless of the level 
of prestressing, the tiebacks are-relatively ineffective in reducing the move­
ments caused by in situ stress release, outside of this region.
The results of the parametric study are presented by considering, in 
turn, the influence of the diaphragm wall, excavation geometry, soil properties, 
anchored tiebacks, and type of interfacial contact between the soil and wall.
As the results obtained from single and three step analyses are not much diff­
erent, the parametric study is carried out using single step analysis, except 
where stated otherwise.
6.5 Influence of the diaphragm wall
In order to examine how the inclusion of a diaphragm wall affects the 
displacements associated with the excavation, it is assumed, somewhat unreal- 
istically, that an unsupported excavation, 12 m deep, behaves elastically.
Three different cantilever diaphragm walls are considered, namely, 0.5 m and 
1 m thick reinforced concrete walls, and the extreme case of a 1 m thick rigid 
wall. From Fig. 6.11, it is seen that the inclusion of a diaphragm wall re­
duces by about 20% the average horizontal displacement of the vertical face of 
the excavation, regardless of the wall stiffness. Curvature of the wall de­
creases with increasing wall rigidity. A diaphragm wall reduces surface move­
ments in the vicinity of the excavation, as shown in Fig. 6.11(a), but has 
little influence on movements, occurring more than a distance of 2H from the 
excavation.
The displacements associated with each of the three walls, supported by 
prestressed anchored tiebacks, are shown in Fig. 6.12. Although the displaced 
wall profile is significantly different for each of the walls, both the average
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horizontal wall displacement, at 27 mm, and the horizontal displacement of the 
base of the wall, at 17 mm, appear to be independent of the wall stiffness.
The rigid wall translates and rotates, about its toe, into the excavation. 
Deviation from this profile increases as the wall becomes more flexible. Sur­
face settlements behind the wall are not very sensitive to changes in wall 
stiffness. Horizontal surface movements in the vicinity of the wall are de­
pendent on wall stiffness, being smallest for the 0.5 m thick wall. For this 
wall, a zone of horizontal compression exists at the ground surface, immediately 
behind the wall, in contrast to the tension zone behind the two stiffer walls.
This compression zone is also apparent from Fig. 6.13, which shows the 
distribution of normal pressure on the back of the wall, for each of the three 
walls. For the 0.5 m wall, there is an increase in normal pressure at and 
near the surface. The maximum drop in pressure occurs at a depth of 8 m, for 
all three walls, and is greatest for the most flexible wall. At the base of 
the wall, the pressure is close to the in situ value, being closest for the 
most flexible wall. The structural forces acting on the three walls are shown 
in Fig. 6.14. The most significant differences occur in the bending moments, 
which increase considerably in a positive sense, with increasing wall stiffness. 
Axial compression of the wall is relatively insensitive to a change in wall 
stiffness.
The influence of depth of embedment of the wall below the excavation base 
is considered by varying the depth of wall in the basic excavation. The move­
ments, associated with walls of 12 m, 16 m and 20 m depth, are compared and 
found to be very insensitive to changes in the depth of the wall. For example, 
the horizontal displacement of the top of the wall increases from 29 mm to 31 mm, 
as the wall depth decreases from 20 m to 12 m. Normal soil pressures on the 
back of each wall are virtually identical. The only significant difference 
relates to the structural forces at the wall bases, as shown in Fig. 6.15. Due 
to equilibrium of the wall, structural forces are computed to be zero at the 
base of each wall. Although some loading is applied at the base, it is diff­
icult to establish how much, due to the discrete nature of finite elements.
The structural forces at the base lie somewhere between zero and the value com­
puted at the node above. For the 12 m wall, a large bearing pressure exists 
at the base of the wall, and this is likely to exceed the bearing capacity of 
the soil. Although displacements are not much affected by wall depth, an in­
crease in wall depth is likely to lead to an increasingly stable excavation.
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6.6 Influence of excavation geometry
In the three step analysis of the basic excavation, supported by a cant­
ilever wall, it is found that the rate of accumulation of deformation increases 
with increasing depth of excavation. This may be altered if heavy prestressing 
of tiebacks is possible in the later stages of excavation. Such a level of pre­
stressing is unlikely in a deep deposit of clay, due to the absence of bedrock 
for anchoring purposes. , Even if wall movement could be eliminated, it is 
generally accepted that an excavation becomes inherently less stable as the 
excavation depth increases (Bjerrum and Eide, 1956).
The influence of excavation width is assessed by varying the width of 
the basic excavation, from its basic value -of 48 m, to values of 24 m and 72 m. 
From Fig. 6,16 it is seen that, as the width of excavation increases, the 
anchored wall translates towards the excavation. The maximum horizontal wall 
movement increases from 26 mm to 34 mm, as the excavation width increases from 
24 m to 72 m, while the vertical movement of the top of the wall changes from 
a heave of 1 mm to a settlement of 3 mm. As the effect of the anchored tie­
backs is found to be independent of the excavation width, these variations may 
be solely attributed to the width of the excavation. Horizontal and vertical 
surface movements both increase with increasing excavation width, while the 
heave of the centre of the excavation base is found to decrease slightly.
This decrease may be attributed to the vertical stress release being increas­
ingly dissipated in the stiffer soil below the excavation base, as the width 
of the excavation increases.
Soil pressure on the back of the wall and structural forces on the wall 
are little affected by changes in excavation width.
6.7 Influence of soil properties
Two important soil properties are considered, namely, anisotropy, and 
stiffness variation with depth below the ground surface. For undrained loading, 
the anisotropy of an elastic soil may be e:xpressed in terms of the parameters 
m = Gy^ /Ey and n = E^ /E^ . For an isotropic soil, m = ~ and n = 1. In addition 
to the degree of anisotropy, m = 0.38 and n = 1.8, of the basic problem, three 
degrees of anisotropy are considered, in which m alone is increased, to n 
alone is increased, to 2, and both m and n are increased, to \ and 2, respect­
ively. For all these cases, Ey is assumed to increase linearly with depth, as
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The pattern of movement is not very sensitive to changes in the degree 
of anisotropy, as shown in Fig. 6.17, whereas the magnitude of movement decreases 
for an increase in m or n, The average horizontal wall displacement is re­
duced by one third from 33 mm to 22 mm, when m and n are increased from their
isotropic values to | and 2, respectively. Increasing m from to | has a3slightly greater effect on reducing displacements, than does an increase in
n from 1 to 2, This highlights the importance of the parameter G a b o u tVn
which little is known for soil. In his Rankine Lecture, Gibson (1974) dis­
cussed the problem of surface loading on a linearly heterogeneous, cross-aniso­
tropic, incompressible elastic half-space, where the surface settlement is 
inversely proportional to a parameter, N, approximately given by the expression
N = m + -7—— (6 .6)4-n v J
2For isotropy, this expression reduces to N = —. The surface settlement of a 
cross-anisotropic half-space, expressed as a proportion of the isotropic settle­
ment, is given by 2/(3N). Some displacements associated with the excavation, 
similarly expressed as a proportion of the values for isotropic soil, are tab­
ulated in Table 6.1, along with the parameter 2/(3N), for the degrees of aniso­
tropy under consideration. The excavation displacements vary with soil 
anisotropy in much the same manner as the surface settlements in the Gibson 
problem, although the loading situation is much different. This suggests that 
the pattern of movement, in the vicinity of the excavation, is dominated by the 
near incompressibility of the soil rather than its elastic anisotropy.
The soil pressure on the back of the wall and the structural forces on 
the wall are fairly insensitive to the degree of cross-anisotropy of the soil, 
as shown in Figs. 6.18 and 6.19, respectively. The maximum bending moment on 
the wall is reduced by 1 2 % as m and n go from their isotropic values to { and 
2 , respectively.
Analyses are carried out, assuming three different distributions, with 
depth, of the vertical Young's modulus of the soil. In addition to the basic 
problem, with linearly heterogeneous Ey = 7 .5z, a uniform distribution with 
depth, Ey = 90 MN/m2, and a distribution lying midway between the two, Ey = 45 + 
3„75z, are considered. All other elastic soil parameters remain the same as
in the basic problem.
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in the basic problem. All three modulus distributions have a value of Ey=90MN/m2 
at a depth of 12 m, the excavation depth. The general magnitude of horizontal 
movement of the anchored wall is much the same, for all three distributions of 
soil stiffness, but the profile of movement is quite different, as shown in 
Fig. 6.20. Horizontal ground surface movements decrease more slowly with dis­
tance from the excavation, as the soil stiffness becomes more homogeneous.
The pattern of vertical movements is very sensitive to the degree of hetero­
geneity of the soil stiffness. % While the top of the anchored wall settles by 
1 mm for the linearly heterogeneous case, it heaves by 5 mm for the homogeneous 
distribution. The maximum surface settlement is 8 mm at 5 m from the excavation, 
for Ey = 7.5z, while it is 14 mm at a distance of 50 m, for Ey = 90 MN/m2.
The maximum base heave is 18 mm and 43 mm, for the heterogeneous and homogeneous 
cases, respectively. All these considerable differences in the pattern of 
movement are clearly shown on the vector plots in Fig. 6.21. Tieback prestress­
ing plays a greater role in reducing wall movement in the heterogeneous soil 
than in the homogeneous soil (see Fig. 6.22).
The profile of normal soil pressure on the back of the wall is somewhat 
sensitive to the distribution of stiffness, although the maximum decrease, at 
a depth of 8 m, changes little (see Fig. 6.23). The maximum bending moment is 
slightly less and the maximum wall compression slightly greater for the linearly 
heterogeneous soil than for the homogeneous soil.
For any given prestressing level of the anchored tiebacks, excavation 
displacements vary linearly with Kq, if Kq is uniformly distributed over the 
depth of the excavation. The variation with Kq of horizontal and vertical 
displacements of the top of wall is plotted in Fig. 6.24 for the basic excava­
tion, with and without tieback prestressing. Horizontal movement of the top 
of the wall increases with increasing Kq, while vertical movement is small and 
relatively insensitive to changes in Kq. For the prestressing loads of the 
basic problem, i.e., 500 KN/m run of wall, the horizontal movement of the top
of the wall would be zero for a K value of 0.77.o
6.8 Influence of anchored tiebacks
In practice tiebacks are usually inclined at some angle to the horizontal, 
in order to obtain anchorage in the stiffer and stronger deeper soil. Tiebacks 
inclined at slopes of 4:5 and 2:5 are considered, in three step analyses. De­
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creasing tieback inclination from a slope of 4:5 to 2:5 has the effect of 
slightly decreasing wall and surface movements, as shown in Fig. 6.26. The 
normal pressure on the back of the wall and the maximum bending moment increase, 
while the vertical compression of the wall decreases (see Figs. 6.27, 6.28).
The influence of distance to the anchor zone is assessed, for the tie­
backs inclined at 4:5, by taking the horizontal distance to the anchor zone to 
be 10 m, 20 m and 40 m from the excavation. The respective free lengths are 
12.8 m, 25.6 m and 51.2 m. Three step analyses are carried out. Increasing 
the free length of the tieback from 12.8 m to 51.2 m reduces the maximum hori­
zontal displacement of the wall from 29 mm to 26 mm. Other displacements are 
reduced by a similar amount. Although the longer tieback is anchored in stiffer 
soil, it is also more flexible due to its greater free length. The greater 
restraining effect of the deeper anchor zone is cancelled to some extent by 
the increased tieback flexibility. Soil pressures and structural loading on 
the wall are not much affected by a change in the distance to anchorage of the 
tiebacks.
The influence of anchored tiebacks on excavation displacements is mainly 
dependent on the level of prestress. For the basic problem it is observed that 
the 500 KN/m run prestress load reduces the horizontal displacement of the top 
of the wall by almost 50%, but has little effect on horizontal movement of the 
wall toe (see Fig. 6.6). Movements of the top of the wall are plotted against 
prestress load in Fig. 6.25. A prestress load of 1100 KN/m run is required at 
each of the three tieback levels, in order to prevent horizontal movement of 
the top of the wall. Regardless of the level of prestressing, significant 
movements occur outside the zone of influence of .the prestressed tiebacks, as 
shown in Fig. 6.10.
6.9 Influence of interfacial behaviour between soil and wall
For the basic problem, the maximum surface settlement is found to occur 
5 m behind the excavation. As no relative movement is permitted between soil 
and wall, a downward shear stress, varying between 16 KN/m2 and 42 KN/m2, acts 
on the back if the wall. Although available evidence suggests that there is 
full frictional contact between soil and wall (Farmer et al., 1970; Corbett et 
al., 1974), it is worth considering the effect of a frictionless interface, in 
order to assess the extent to which movements are dependent on friction between
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soil and wall. The basic problem is therefore analysed, assuming a friction- 
less interface between soil and wall.
Wall and surface movements are compared in Fig. 6.29. The horizontal 
movement of the top of the wall increases from 29 mm to 41 mm, if a frictionless 
interface is assumed. Surface movements increase in the region within 20 m of 
the wall. For a frictionless interface, the ground surface at the back of the 
wall moves down by 16 ran,relative to the top of the wall, which settles by 2 mm. 
The maximum surface settlement is thus 18 mm at the back of the wall, compared 
with a value of 8 mm at 5 m from the wall for the basic problem. Normal soil 
pressure on the back of the wall is slightly greater for the frictionless inter­
face (Fig. 6.30), while the maximum wall bending moment and axial compression 
are smaller (Fig. 6.31).
6.10 General discussion on results
The displacements computed in a single step analysis of the basic problem 
are not much different from those computed in the more time-consuming three 
step analysis. This suggests that it is unnecessary to simulate the sequence 
of excavation in an elastic analysis of a typical anchored diaphragm wall sup­
ported excavation. The difference, between the results of a single step and 
a multi-step elastic analysis, is solely due to the stiffness of the anchored 
tiebacks. For a practical situation, the tieback stiffness depends on the level 
of prestressing. Thus, the influence of sequential excavation simulation in­
creases as the level of prestressing increases.
Inclusion of a cantilever diaphragm wall, in addition to providing sup- -
port to the vertical face of an excavation, reduces the horizontal elastic 
movement of the excavation face by about 20%. Surface movements are reduced
in the vicinity of the excavation. The application of a prestressing load of
500 KN/m run, at each of the three tieback levels, further reduces horizontal 
movement of the top of the wall by almost 50%, while having no effect on hori­
zontal movement of the toe of the wall. Although the stiffness of an anchored
wall does not influence the elastic movements very much, the 0.5 m wall, the 
most flexible of the three considered, most effectively reduces the displace­
ments, associated with the excavation. As the depth of embedment of the wall 
has little effect on elastic soil movements, its length should be determined 
by stability considerations, as suggested by Cunningham and Fernandez (1972).
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The width of the excavation has some influence on displacements; increasing 
the width by a factor of three, from 2H to 6H, gives rise to an increase of 
30% in maximum horizontal wall movement.
Taking elastic anisotropy of the soil into account changes the magnitude
without significantly affecting the pattern of displacements. The ratio of
anisotropic to isotropic displacements is given approximately by (6.6), which
is also applicable to the Gibson problem (Gibson, 1974). Keeping Ey = 7.5z,
and increasing m and n, from their isotropic values of y and 1, to | and 2,
respectively, causes a reduction of one third in the average horizontal wall
movement. The importance of the parameter G is illustrated by the fact that
1 1an increase in m, from y  to y, reduces displacements by a slightly greater 
amount than an increase in n, from 1 to 2. . If an in situ plate bearing test 
on a cross-anisotropic elastic soil is interpreted in terms of isotropy, the 
derived value of undrained Young’s modulus should lie between the true vertical 
and horizontal moduli. An isotropic analysiscarried out using this incorrectly 
derived modulus, may lead to a result close to that obtainable from an aniso­
tropic analysis, based on the true moduli. Thus, in a practical sense, recog­
nising anisotropic behaviour and taking it into account may not very signifi­
cantly affect numerical results.
Provided the distribution of Ey is constant or linear with depth, the 
general magnitude of horizontal wall movement appears to be determined by the 
value of Ey at the level of the base of the excavation. The profile of the 
displaced wall depends on the degree of heterogeneity, being more uniform for 
homogeneous Ey. For an equal value of Ey at the level of the excavation base, 
the heave of the base decreases with increasing heterogeneity. The surface 
movements behind the wall decrease more rapidly with increasing distance from 
the excavation, as the soil becomes more heterogeneous. This is similar to 
the result obtained by Burland et al. (1973) for surface settlements due to 
surface loading.
The increased displacements, obtained from the analysis assuming a fric­
tionless soil/wall interface, serve to illustrate that friction between the 
soil and wall makes a significant contribution towards reducing wall displace­
ment into the excavation.
Of all the parametric variations considered in the study, the distribu­
tion of normal soil pressure on the back of the anchored wall is most sensitive
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to a change in wall stiffness. The maximum drop in pressure becomes greater 
with increasing wall flexibility. The pressure distribution, but not the 
overall magnitude, is sensitive to the degree of soil heterogeneity. For a 
given level of prestress loads, the drop in pressure increases with increasing 
anchor inclination, due to the lower horizontal component of the prestress load­
ing.
The maximum bending moment on the wall increases significantly with in­
creasing wall stiffness. However, for a reinforced concrete wall with a constant 
area of steel, the moment of resistance of the wall increases at a faster rate.
As the level of prestressing increases, so too do the positive bending moments 
on the wall. The maximum bending-moment, which occurs at mid-depth of the 
wall, is not particularly sensitive to any .of the other parametric variations, 
although slight changes in its value arise. As the level of axial conpression 
depends mainly on the vertical component of the prestress load, the maximum 
compression is most sensitive to the inclination of the prestressed tiebacks.
6.11 Conclusions
Based on the parametric study of a walled excavation, in an inconpressible 
elastic material, some conclusions, relative to the short-term behaviour of a 
saturated clay, may be drawn, provided the clay behaves reasonably linearly 
elastically, over the stress range of interest.
The inclusion of a cantilever diaphragm wall only reduces elastic move­
ments by about 20%. Its main role is the prevention of collapse of the excava­
tion.
A significant reduction in wall movement may be achieved by means of 
prestressed tiebacks, anchored in the retained soil. This reduction in move­
ment depends on the level of prestress, rather than the free length or inclina­
tion of the tiebacks. Regardless of the level of prestress, the tiebacks are 
effective in reducing movements in the retained soil, only in the vicinity of 
the excavation. Movements behind the anchor zone are due to the inability of 
the tiebacks to reduce the movements due to in situ stress release, rather 
than the application of the prestress loading to the anchor zone.
Wall stiffness affects the pattern but not the overall magnitude of
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displacements. While the depth of embedment of the wall below the excavation 
base has little affect on the elastic displacements, a deeper wall would appear 
to lead to a more stable excavation.
Anisotropy of the soil affects the magnitude but not the overall pattern 
of displacements. The shear modulus is found to be an important parameter,
as displacements are more sensitive to a change in than ER, over the range
of values likely to occur in practice,
As the increase in soil stiffness with depth becomes more pronounced, 
the displacements of the retained soil become concentrated nearer the excava­
tion. For a similar order of magnitude of horizontal movement of the wall, 
surface settlement, at some distance from the excavation, and base heave are 
significantly greater for the homogeneous soil.
Friction on the soil/wall interface plays an important role in reducing
the movements in the vicinity of a diaphragm wall, although it has little 
effect outside this area.
Table 6.
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Situation
m 13
1
2
1
3
1
2 0.38
n 1 1 2 2 1.8
Gibson problem 2
3N 1 0 o 8 0.8 0.67 0.8
Anchored
wall
Maximum
displacement 1 0 0 79 0.83 0.67 0.81
Anchored
wall
Average
displacement 1 0.79 0.83 0.67 0.81
Cantilever
wall
Maximum
displacement 1 0.75 0.85 0.65 0.81
Cantilever
wall
Average
displacement 1 0.78 0.82 0.67 0.81
Anchored
wall
Maximum 
base heave 1 0.83 0.78 0.67 0.79
_1 Excavation displacements associated with various degrees of anisotropy, 
expressed as proportions of isotropic displacements
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clay isotropic linear elastic 
homogeneous 
incompressible 
(E,v=0.5)
Figure 6.1 Cross-section of infinitely long unsupported excavation into a 
half-space of saturated clay
C.L.
I 24m 10m 10m
Fi gure 6.2 The basic excavation
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(b) Horizontal wall displacement
Figu+e 6.4 Accumulation of wall and surface displacements for the 3 step 
analysis of the basic problem
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Figure 6.5 Wall and surface displacements: 1 step and 3 step analyses of the 
basic problem
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Figure 6.6 Wall and surface displacements: influence of prestressed tiebacks
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Figure 6.7 Normal soil pressure on the back of the wall for each step of the 
3 step analysis of the basic problem
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Figure 6.8 Soil pressures on the back of the wall: influence of prestressed 
tiebacks
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Figure 6.11(b) Surface displacements: influence of a cantilever diaphragm 
wall
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Figure 6.12 Wall and surface displacements: influence of wall stiffness for an 
anchored wall
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Figure 6.13 Normal soil pressure on the back of wall: influence of wall stiff­
ness
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Figure 6.16 Wall and surface displacements: influence of width of excavation
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Figure 6.17 Wall and surface displacements: influence of cross-anisotropy
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Figure 6.20 Wall and surface displacements: influence of degree of hetero­
geneity
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Figure 6.21 Displacement vectors for heterogeneous and homogeneous soils
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Figure 6.22 Horizontal wall displacements: influence of tieback prestressing 
for heterogeneous and homogeneous soils
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Figure 6.23 Soil pressures on back of wall: influence of degree of 
heterogeneity
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Figure 6.24 Influence of Kq on movement of top of wall
Figure 6.25 Influence of level of tieback prestress on movement of top of 
wall
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Figure 6.26 Wall and surface displacements: influence of tieback inclination
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Figure 6.27 Soil pressures on back of wall: influence of tieback inclination
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Figure 6.29 (b) Surface displacements: influence of soil/wall interface 
behaviour (anchored wall)
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Fi gure 6.30 Soil pressures on back of wall: influence of soil/wall interface 
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UNDRAINED AND DRAINED ELASTIC ANALYSIS OF AN 
EXCAVATION IN SATURATED CLAY
CHAPTER 7
7.1 Introduction
The distinction between undrained and drained behaviour of a saturated 
soil has already been made in Chapter 3, where it is also shown that the un­
drained elastic deformation parameters are dependent solely on the drained 
parameters, if the pore water is assumed to be incompressible. For the basic 
problem, considered in Chapter 6, the loading on the base and sides of the ex­
cavation, caused by the removal of soil, is the same for both an undrained and 
drained loading condition. The changes in pore pressure are a function of the 
applied loading for the undrained condition, while they are determined by 
steady-state seepage in the long-term. Thus, the effective stress changes 
within the soil are different in the undrained and drained states. For a time- 
independent elastic soil, the transition from a short-term to a long-term de­
formation condition is associated with a change in pore pressure, and hence a 
change in effective stress, as total stresses do not change, assuming the soil 
remains fully saturated in the long-term. The pore pressures in the undrained 
state may not be determined without a knowledge of the total stresses, and 
therefore it is convenient to carry out a total stress analysis on the incom­
pressible soil/water continuum. Provided the long-term pore pressures through­
out the soil can be determined from a seepage analysis, a drained analysis may 
be carried out in terms of the effective stresses acting on the soil skeleton.
In the following, the implementation of an effective stress drained 
analysis is briefly considered. A seepage analysis is carried out, and the 
undrained and drained pore pressure distributions, in the vicinity of an excava 
tion, are compared. The results of undrained and drained analyses are consid­
ered, for both isotropic and cross-anisotropic linearly heterogeneous elastic 
soils.
7.2 Drained analysis
Drained analysis o f a walled excavation has been briefly considered in
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Chapter 4. For drained loading on the soil skeleton the changes in total 
stress and pore pressure may be considered separately. There is sufficient 
information available, on the relative time-independence of anchor loading, 
to enable a drained analysis to be performed in a single step. The total ex­
ternal loading applied to the excavation is the same as in an undrained anal­
ysis. The long-term changes in pore pressure, within the soil, may be deter­
mined from a seepage analysis, provided that the long-term groundwater 
conditions can be predicted with reasonable accuracy. It is shown in Chapter 
5, Section 8 that the changes in pore pressure, due to seepage, may be converted, 
in a finite element context, to equivalent nodal forces. It is therefore 
possible to simulate the drained loading on an excavation.
For an undrained analysis, the incompressible soil is described either
by the isotropic modulus E, or the cross-anisotropic moduli E.r, E„, G.^ . WhereV H VH
elastic behaviour of the soil is assumed, these are related to the elastic 
parameters of the soil skeleton. For an isotropic soil the undrained and 
drained shear moduli must be equal, i.e., G = G ’, because the pore water is 
unable to resist shear. It follows that
I = 1*5 (7.1)
E' 1+v 1
The smaller the value of v’ , the greater the ratio of undrained to drained
Young’s modulus, F / E1. For a cross-anisotropic soil, the relationship is
more complicated. The shear moduli G.^  and G* are equal. The moduli E„ andVn Vn V
ER may be found from (3.30) and (3.31), in terms of Ey, E^ , v^, and
7.3 Influence of steady-state seepage
Due to the low permeability of the clay, it appears reasonable to assume 
that the clay remains fully saturated in the long-term, after excavation, and 
that the groundwater table remains at the ground surface, behind the excavation. 
The water table is assumed to be at the base within the excavation. The 
steady-state seepage into the basic excavation of the parametric study (see 
Fig. 7.1) may be analysed in the manner described in Chapter 5, Section 8. An 
impermeable boundary is assumed at the rigid base, 60 m below the ground surface, 
while hydrostatic conditions are assumed at the remote lateral boundary, 120 m 
from the excavation. The boundary conditions to be imposed are h = 0 on the
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ground surface and at the remote lateral boundary, and h = -12 m at the base 
of the excavation. The diaphragm wall is assumed to be impermeable. The 
soil permeability is assumed to be equal in the horizontal and vertical dir­
ections . The grouted anchor zone is assumed to have the same permeability 
as the clay.
The seepage equipotentials obtained from the finite element analysis 
are shown in Fig. 7.2. These changes in head represent the drop in pore 
pressure head from hydrostatic, due to seepage. The long-term pore pressure 
is given by
u = Yw(h+z) (7.2)
Contours of pore pressure (in metres of water), for the end of excavation and 
steady-state seepage, are compared in Fig. 7.3. It is seen that the transi­
tion from the undrained to the drained state is associated with an increase 
in pore pressure everywhere, except in the vicinity of the toe of the wall. 
During the transition, consolidation of the soil would be expected in the 
toe region, with swelling occurring elsewhere. The most significant swelling 
would be concentrated beneath the base of the excavation.
7.4 Comparison of undrained and drained behaviour
The soil parameters, for the basic problem of the undrained parametric
study, possess a degree of anisotropy that is believed to be representative
of in situ London Clay, i.e., m= 0.38, n = 1,8. Assuming that the London
Clay possesses time-independent deformation properties, a reasonable compatible
set of drained parameters are v* = -0.1, v' t = 0.2, mf = 0.53, n1 = 2.0, andlirl Vn
= 0.72Ey. These numerical values are discussed in Chapter 3. Where the 
undrained vertical Young's modulus Ey = 7.5z, the drained modulus E^. = 5.4z.
The undrained and drained wall and surface movements computed using 
these soil parameters, are plotted in Fig. 7.4. The horizontal wall movement 
into the excavation is greater by 20% at the top of the wall, for the drained 
case, while it is slightly smaller at the toe. Horizontal surface movements 
are greater near the wall, for the drained case, but decrease more rapidly 
with increasing distance from the excavation. Vertical settlement of the 
ground surface is approximately halved in the transition from the undrained
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to the drained state. The most significant difference between the two sets 
of movements lies in the heave of the base of the excavation. The undrained 
centreline base heave is 18 mm, rising to 32 mm for drained conditions. These 
analytical results do not explain the large increase with time, in wall and 
soil movements at Neasden (Sills et al., 1977), but do suggest that time- 
dependent structural changes occur in London Clay, as a result of excavation.
The normal pressures computed for the back of the wall are shown in 
Fig. 7.5, where it is seen that an increase in pressure occurs from the un­
drained to the drained state. An increase above the in situ pressure is com­
puted near the bottom of the wall. The structural forces acting on the wall 
are very similar for both states, apart from the increase in negative bending 
moment below the base of the excavation, fpr the drained condition (see Fig. 
7.6). This increase in moment is compatible with the increase in soil press­
ure on the back of the wall, near its toe.
An isotropic soil, with undrained E = 7.5z, is also considered. Two 
drained analyses, with v’ = 0.3 and v* = 0.1, are carried out. From (7.1),
the drained Young’s moduli are E' = 6.5z and E’ = 5.5z, for vf = 0.3 and
v’ = 0.1, respectively. Wall and surface movements are compared in Fig. 7.7. 
The lower the value of v', the greater the increase in horizontal movement of 
the top of the wall into the excavation, from the undrained to the drained
condition. The horizontal movement of the base of the wall is the same for
all three analyses. Horizontal surface movements, near the wall, increase 
with decreasing v1. However, the rate of decrease of horizontal movements, 
with distance from the excavation, increases with decreasing vl. For this 
reason, the horizontal surface movements, at a distance greater than 2H from 
the excavation, are relatively insensitive to drainage. The settlement of 
the top of the wall increases, from 1 mm in the undrained case, to 5 mm for 
the drained analysis with v' = 0.1. On the other hand, surface settlement 
behind the wall decreases to a very low value, as v1 becomes smaller. Heave 
of the base of the excavation increases, from an undrained value of 23 mm, to 
32 mm for the drained case, with v1 = 0.1.
The normal soil pressure on the back of the wall and the negative mo­
ment on the wall, below the excavation base, both increase in the transition 
to a drained condition, in the same manner as for the cross-anisotropic soil 
(see Figs. 7.8 and 7.9).
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For both isotropic and cross-anisotropic elastic heterogeneous soils, 
horizontal movements in the vicinity of the excavation generally increase 
during the transition from an undrained to a drained condition. Although 
settlement of the wall increases a little, surface settlements are generally 
smaller for the drained condition. Heave of the base of the excavation in­
creases as a result of drainage.
The drained normal soil pressures on the back of the wall increase 
slightly towards the in situ values, except near the toe, where the pressure 
increases to a level above that existing prior to excavation. An increase in 
negative bending moment on the wall also occurs due to drainage.
The results obtained from the anisotropic analyses do little to explain 
the strong time-dependence of the ground and wall movements at Neasden. This 
time-dependence is possibly due to structural changes in the London Clay 
caused by excavation, and some creep in the wall support system.
7.5 Conclusions
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MAIN CONCLUSIONS AND SUGGESTIONS FOR 
FURTHER RESEARCH
CHAPTER S
8.1 Conclusions
Tt is clear from the review of wall supported excavations that diaphragm 
walls have proved to be effective in controlling excavation movements, under 
a wide variety of soil conditions,, In the past, there has been much concern 
about long-term anchor performance® However, there is now considerable evid­
ence, obtained from many observations, that prestressed anchors maintain their 
load in the long-term, thus offering a viable and convenient method of wall 
support®
Although the stress-strain modelling of in situ soil presents a difficult 
problem, a review of previous research indicates that London Clay may be ass­
umed to be a cross-anisotropic elastic material over a limited range of stress 
and strain®
Analysis of the end of excavation performance of an anchored diaphragm 
wall at Neasden, London, suggests that the undrained stiffness of London Clay 
increases with increasing depth, from a low value at the ground surface® Sig­
nificant displacements are computed in the analysis at some distance from the 
excavation, at variance with field observations® These differences may be due 
to a combination of the near incompressibility of the analytical soil model 
and the threshold effect associated with London Clay®
A number of conclusions may be drawn from the parametric study of the 
performance of an excavation in undrained saturated elastic clay. A cantilever 
diaphragm wall only reduces elastic movements by a small amount, regardless of 
the wall stiffness® To achieve a large reduction in wall movement it is neces­
sary to install prestressed tiebacks, anchored in the retained soil® The eff­
ectiveness of the tiebacks depends on the level of prestress rather than their 
free length or inclination®
The prestressed tiebacks significantly reduce movements in a limited
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region in the vicinity of the excavation. Outside of this area, they are 
relatively ineffective in preventing the movements caused by in situ stress 
release.
Taking anisotropy of the soil into account affects the magnitude but not 
the overall pattern of displacements. The shear modulus G^ is found to be an 
important parameter. Displacements are more sensitive to a change in than 
in E^., over the range of values likely to occur in practice.
As the distribution of soil stiffness becomes nore heterogeneous, the 
displacements of the retained soil are concentrated nearer the excavation.
The development of friction on the soil/wall interface contributes to­
wards reducing excavation movements.
Both the Neasden and parametric studies indicate that it is unnecessary 
to simulate the sequence of excavation in a linear elastic analysis of a typical 
diaphragm wall.
Assuming time-independent elastic behaviour of the soil, drained analysis 
suggests a moderate increase in horizontal wall movement and a reduction in 
surface settlement in the long-term,
8.2 Suggestions for further research
The continuing rapid development of large extremely fas,t conputers 
facilitates finite element analysis of complex practical problems. Such ana­
lysis assists the geotechnical engineer in obtaining a clearer understanding 
of the behaviour of in situ soil, under a variety of loading conditions. Due 
to the difficulties in obtaining appropriate analytical parameters from lab­
oratory tests, more and more reliance is being placed on data from instrumenta­
tion of full-scale field problems. Although field instrumentation is at best 
difficult, due to the problems associated with construction, advances in elec­
tronics are enabling smaller and more rugged measuring devices to be used.
Future research in geotechnical engineering is likely to continue on 
three major fronts involving observation, testing and analysis. There is a 
need for more unified efforts to be made in order to obtain maximum benefit
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from both manpower and equipment. Extensive field instrumentation should be 
concentrated on situations where a relatively clear definition of the problem 
is possible, with a minimum of complicating factors. Analysis may then be 
developed on the basis of these observations, and checked against other less 
comprehensive field data.
Analytical models continue to develop in an attempt to provide a unified 
interpretation of soil behaviour, in different circumstances. A recent paper 
on an elasto-plastic model for London Clay represents a significant step for­
ward in this direction (Simpson et al., 1979). Such an approach should hope­
fully lead to a more complete understanding of soil performance under load.
As far as anchored diaphragm walls are concerned, the present work is an 
attempt to obtain a general picture of excavation behaviour. To achieve this 
end a simple constitutive model has been used. To investigate further the 
interaction between soil and wall, a non-linear model is necessary to simulate 
the stress-strain response in those localised zones near a stable excavation, 
where significant deviation from linearity might arise. Tensile stresses would 
be expected in the soil near the retained ground surface, behind a cantilever 
wall or a lightly prestressed anchored wall. Horizontal compression of the 
soil adjacent to the wall, below the base of the excavation, might cause the 
shear strength of the soil to be approached or even exceeded, in this zone. 
Heavy prestressing of the anchors would be likely to lead to non-linear behav­
iour in the anchor zone. Such a level of prestressing might be inadvisable as 
it could lead to long-term problems.
Using the available elastic program a further parametric study could be 
carried out to investigate the influence of the drained elastic parameters on 
the drained displacements of an anchored excavation. Five independent elastic 
soil parameters would need to be considered as against three for the undrained 
situation.
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APPENDIX A The elastic compliance matrix of a cross-anisotropic elastic
material referred to a co-ordinate system inclined to the princi­
pal directions of elasticity.
If the cartesian co-ordinate system is coincident with the principal
directions of elasticity, then the cartesian strains, {e}, of an element of
cross-anisotropic linear elastic material may be related to the cartesian 
stresses, {a}, acting on the element, using the elastic compliance matrix,
[C ], as shown in equation (3.2).
{c} - [C3]{a> (A.1)
Consider a new cartesian co-ordinate system, obtained by a rotation, 6, in the
vertical x-z plane, about the y-axis of the (x,y,z) system. The new co-ordinate 
6 6system is the (x , y, z ) system, as shown in figure A.I. The stresses and 
0 0strains, {a } and {e }, referred to the new axes may be expressed in terms of 
{a} and {e}, respectively, by means of transformation matrices.
{a9} = [Tj] {a} (A. 2)
i e B} = [T.]{e} (A. 3)
The strain energy density is invariant to co-ordinate transformations. Thus,
{c>}T{e} = {cf® }T{e6 } = {a}T[To]T[Te]{e} (Aft)
It follows that
[T +  LTJ = [I] = [TE]T[Ta] (A.5)
where [I] is a 6 x 6 identity matrix. Premultiplying (A.l) by [T ] leads to
[Te ] { E > = r r j f t n f t r V }
{e6} = [TE][C3][Ts]T{ae}
= [ C > ® }  (A.6)
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where
[C36] - [Tc] [C3] [Te]T (A.7)
For the rotation of axes specified in Fig. A.l, the cartesian strains, {e6},
0 0referred to the (x , y, z ) axes, are expressed in terms of the strains, {e}, 
referred to the (x, y, z) axes, as (Jaeger, 1966)
where
r Y  [£ ] = [M ][£ ][M ]T
EX £y2 xy ^Yxz
[e] = zY‘ xy £y §Y2 'y z
£y xz jYyz E z
(A. 8)
(A. 9)
and
cos0 0 -sin0
[M] = . 0 1 0
sin6 0 COS0 (A. 10)
The matrix, [M], is called the array of direction cosines, specifying the rela­
tionship between the two sets of axes. Equation (A.8) may be rewritten in. 
terms of the strain vectors as in (A.3), where
[T ] L £
COS2 0 0 s i n 2 0 0 0 s in 202
0 1 0 0 0 0
s in 2 0 0 COS2 0 0 0 - s in 2 02
0 0 0 COS0 s in 6 0
0 0 0 -s in 0 COS0 0
s in  20 0 s in 2 0 0 0 cos20
(A.11)
The zeroes in the [C^ ] matrix in (3.2) indicate that normal and shear 
stresses and strains are uncoupled along the principal directions of elasticity, 
This situation does not arise where stresses are applied on planes inclined to 
the principal directions. Consider, for example, the volumetric strain caused
183
0 0 0 by a pure shear, t , applied along the directions x and z . The volumetric zx
strain is given by
AV = (ci<c + C0£ + C„,) T -y- 16 26 367 zx
= 4 x{n(1-vW  " (L-VnH^sin26 (A. 12)
0 0 0 0The elements c , c , c of the [C ] matrix are evaluated from (A. 7), using
16 26 36 3
(3.2) and (A.11). The volumetric strain is a maximum when the shear stresses
are applied on planes inclined at 45° to the principal directions.
0
The strain in the x direction due to unit stress in the same direction
is cG  ^« 1 / Eq. Again, using (A.7), (3.2) and (A.11), it is found that
3_ = JLcos^ e + lsin+6 + (  ^- ^VVH)sin28cos26 (A. 13)
E0 eh ev gvh ev
For an incompressible material, = 0.5 and (A.13) reduces to (3.47), Gibson’s 
equation for the evaluation of G,rtJ.VH
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Fi gure A.1 Rotation of reference axes.
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APPENDIX B Errors in effective stress paths in undrained triaxial tests on 
cross-anisotropic elastic soil due to incorrect measurement of 
pore water pressure.
The effective stress paths in undrained triaxial tests on vertical (M^ y) 
and horizontal (Hppj) samples of cross-anisotropic elastic soil are related 
through equation (3.39).
“ th ■ L g *
Values of and measured in the laboratory (Table 3.1) do not satisfy 
this equation. This may be due to inadequacy of the model or to errors in test 
measurement. Analysis by Naylor (1974) suggests that pore water pressures may 
be overestimated in conventional laboratory triaxial tests. By considering un­
drained triaxial tests on vertical and horizontal samples, and assuming the 
same percentage overestimation of excess pore water pressure in each test, it 
is possible to deduce the error from the measured effective stress paths.
Consider two such tests, on one vertical and one horizontal sample.
Assume that the pore water pressure is overestimated by 100e%. Inaccurately 
measured parameters are denoted by an asterisk (*) . The measured excess pore 
water pressures are related to the actual pressures by
u* = u(l + e) (B.l)
For a conventional undrained triaxial test the effective stress path
a ’ * a - n* oM* = _V = _V   = 1 - _V (B.2)
-  U *  U *
From equation (3.29) it is known that the excess pore water pressures on a 
vertical and horizontal sample are, respectively,
iLr = °V and tt. = r av (B.3)
V 1 + 2r‘ 1 + 2r*
From (B.2), it may be shown that
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K  = QV 311(1 “S = GV (B.4)
1 l - . M f H
Therefore,
^H. = J 4  = 1  " ^TV 
Uy u* 1 “ ^fH
and
e
(B.5)
-  ^  -  1  -  .  i  .  2 -  MgyCl * f t )  (B_6)
U y \ V  (1 -M | V)  C l-M J n )
The corrected effective stress paths are
Mjy = -2r' and ft" - (B.7)
The above analysis is performed on three pairs of stress paths from 
Table 3.1. The results are presented below in Table B.l.
Reference **TV ^TH rf e ^TV S^th
Webb(1966) -0.70 -3.30 0.40 0.05 -0.79 -3.53
Henkel(1971) -1.0 -2.86 0.52 0.02 -1.04 -2 c93
Atkinson(1973b) -1.0 -2.45 0.58 0.08 -1.16 -2.73
Table B.1 Errors in excess pore water pressure measurements in undrained 
triaxial tests on London Clay.
